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ABSTRACT
SEISMIC PERFORMANCE COMPARISON OF ORDINARY CONCENTRICALLY
BRACED FRAMES IN THE WESTERN AND CENTRAL UNITED STATES

Matthew Waters, B.S.
Marquette University, 2022

Ordinary concentrically braced frames (OCBFs) are intended to be moderately
ductile steel seismic-force-resisting systems and are permitted in low-rise buildings in
regions with high seismic hazards. There has been relatively little research to quantify the
seismic performance of OCBFs, with most of the previous work emphasizing the role of
reserve capacity on performance. To improve the understanding of seismic performance
and validate current design provisions, a series of nonlinear response-history analyses
were conducted. Two, three-story OCBF study buildings were designed in accordance
with ASCE/SEI 7-16 for sites in Seattle, WA and Memphis, TN; the sites have relatively
high seismic hazards (Seismic Design Category D) but different tectonic settings. Wellestablished nonlinear modeling approaches for concentrically braced frames were utilized
to analyze suites of ground motions scaled to hazard levels corresponding to 475- and
2,475-year return periods. The results of these new analyses and previous special
concentrically braced frame (SCBF) studies were employed to compare OCBF seismic
performance with different building locations (Seattle or Memphis), braced-frame
classifications (OCBF or SCBF), and braced-frame configurations (chevron or paired
single diagonal). The SCBFs do meet collapse performance standards, but the OCBFs
analyzed in the present work do not meet collapse performance standards due to early
onset of brace and gusset-plate connection fractures that led to large inter-story drifts.
The collapse probabilities were higher for the chevron configuration OCBFs, as well as
for the OCBFs designed for the Memphis site. These results suggest a need for future
OCBF research and modifications to current provisions to ensure OCBFs achieve safe but
economical designs.
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CHAPTER 1 INTRODUCTION
This chapter will introduce the seismic design of concentrically braced frames
(CBFs), provide background on the seismic hazards for the sites of Seattle and Memphis,
list the motivation and research objectives of the present work, and outline the overview
of the document.
1.1 Seismic Design of Concentrically Braced Frames
Steel concentrically braced frames are commonly used in the United States to
provide lateral strength and stiffness to resist seismic and wind loads. Braces are usually
connected to gusset plates, which are in turn connected to adjacent framing components
such as beams and columns to form the system’s lateral load path. Braces are designed to
resist lateral loads through tension and compression only and are usually paired to
provide symmetric resistance in each direction of loading. Figure 1.1 illustrates some of
the different brace configurations used in modern construction; the brace colors represent
which braces would be in compression or tension for a given lateral load direction.
CBFs are designed for different levels of ductility and strength depending on the
system classification and magnitude of forces that need to be resisted. Brace shapes used
in CBFs include W-shapes, hollow structural sections (HSS), and double angles; HSS are
the focus of the present work. Brace system classifications defined in ASCE/SEI 7-16
“Minimum Design Loads and Associated Criteria for Buildings and Other Structures”
(ASCE 2017) include non-seismically detailed CBFs, ordinary CBFs (OCBFs), and
special CBFs (SCBFs). ASCE/SEI 7-16 defines a response modification coefficient, R, for
each system, which is used to determine the design base shear and depends on the system
ductility and strength based on the equal displacement theorem.
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(a) Chevron

(b) Paired single diagonal

(c) Single-story-X

(d) Multi-story-X

Figure 1.1: Common brace configurations

A higher value of R corresponds to a lower strength and higher ductility. Nonseismically detailed CBFs have an R of 3, OCBFs have an R of 3.25, and SCBFs have an
R of 6. Figure 1.2 depicts the equal displacement theorem with respect to these systems,
where V is the design base shear for elastic response under the earthquake loads.
However, designing a building to remain elastic in an earthquake is usually impractical in
regions with appreciable seismic hazards, so most buildings are designed to develop
inelastic behavior in large earthquakes with a specified yielding and failure hierarchy.
The elastic design load is divided by the response modification factor, R, based on the
inelastic deformation capacity of the system. Figure 1.2 shows the design base shear
reduction for non-seismically detailed “R = 3” CBFs, OCBFs, and SCBFs.
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Figure 1.2: Equal displacement theorem

Among CBFs, SCBFs have the largest amount of expected ductility and require
more stringent detailing; however, they can be designed for smaller forces. In theory,
each of these system classifications would have the same total displacement, but different
ratios of elastic and inelastic displacements. There are no “R = 3” seismic design
requirements outlined in the Seismic Provisions for Structural Steel Buildings (AISC
2017), as the reduction of design force is due to the inherent ductile nature of steel. The
“R = 3” CBFs are commonly used in regions with low seismic hazards.
Table 1.1 summarizes some of the main design requirements between OCBFs and
SCBFs. OCBFs require a minimal amount of ductile detailing such as designing diagonal
brace connection to resist a load determined from a linear structural analysis multiplied
by the overstrength factor. Brace sections must also satisfy the moderately ductile
compactness requirements in the Seismic Provisions; these compactness requirements as
shown in Table 1.1 and were calculated using the material properties of the HSS braces
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used for the design of the buildings in the present work. OCBF chevron beams need to be
designed to resist the moment imposed from the unbalanced vertical forces that form at
beam midspan from braces yielding in tension and buckling in compression. The chevron
braces must also meet global slenderness ratios of 100 for the chevron configuration, or
200 for other brace configurations. SCBFs have the most comprehensive ductile design
requirements and require a capacity design to ensure connection and framing elements
can resist the full tensile axial load that can be developed in the brace. Capacity design
was not included in the building code until the 1988 Uniform Building Code (ICBO
1988), which required the system to be designed to sustain the loads imposed from the
brace yielding in tension and buckling in compression. Modern SCBFs must satisfy
highly ductile section compactness requirements and accommodate brace-end rotation by
providing sufficient elliptical clearances; brace fracture is the expected delayed failure
mode following large cyclic deformation demands. OCBFs do not require any gussetplate clearances.

Table 1.1: OCBF and SCBF Design Requirements
Requirement

OCBF

SCBF

Response modification coefficient, R

3.25

6

Overstrength factor, Ω

2

Deflection amplification factor, Cd

3.25

5

Chevron brace
configuration: 100
Other brace
configurations: 200

All brace
configurations: 200

Brace local slenderness, λ

λ ≤ (λ𝑚𝑑 = 16.1)

λ ≤ (λℎ𝑑 = 13.8)

Gusset-plate clearance

None

Connection, beam, and column capacity

Design for overstrength
seismic load

Brace configuration global slenderness limit,

𝐿𝑐
𝑟

Accommodate braceend rotation
Design for expected
brace capacity
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1.2 Seismic Hazard Background
Earthquake-resistant design in ASCE/SEI 7-16 (ASCE 2017) has the following
linked collapse performance objectives: to limit the probability of collapse to 1% in 50
years, which is approximately equivalent to a 10% probability of collapse in the Riskadjusted maximum considered earthquake (MCER). The MCER is based on spectral
accelerations corresponding to a 2% in 50-year probability of exceedance, which
corresponds to a 2,475-year return period. It is noted that conventional design objectives
do not include explicit provisions to meet other performance states that limit damage,
maintain functionality, or facilitate repairs in more frequent, lower intensity events.

Figure 1.3: 2018 National Seismic Hazard Map (USGS 2018)
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Figure 1.3 shows a map of the seismic hazard in the United States developed from
peak ground accelerations for a 2,475-year hazard level (USGS 2018). Two locations in
the United States that are of particular interest in the present work are Seattle,
Washington, and Memphis, Tennessee. Seattle has a relatively high seismic hazard due to
its proximity to the Cascadia Subduction Zone and Seattle Fault. The Seattle Fault is
thought to be capable of producing lower-magnitude earthquakes than the Cascadia
Subduction Zone, but it passes through the middle of the city and contributes to a
considerable proportion of the hazard. The most recent Seattle Fault earthquake occurred
approximately 1,100 years ago and the most recent Cascadian Subduction Zone
earthquake occurred approximately 300 years ago (Seattle OEM 2014). Memphis is in
the New Madrid Seismic Zone (NMSZ). Intraplate NMSZ earthquakes could affect many
central US states including Illinois, Indiana, Missouri, Arkansas, Kentucky, Tennessee,
and Mississippi. The last strong NMSZ earthquake was a Mw 6.7 earthquake in Missouri
in 1895 (MoDNR 2020). Despite the different hazards and design loads at the sites of
Seattle and Memphis, ASCE/SEI 7-16 (ASCE 2017) is intended to provide the same level
of collapse performance at every location in the United States; one of the motivations
behind the present work is to compare the collapse performances at these two sites and
determine if there is indeed a uniform collapse performance that satisfies the collapse
objectives in ASCE/SEI 7-16.
1.3 Motivation and Research Objectives
The research addressed in the present work quantifies the seismic performance of
OCBFs to compare the effects of site location, braced-frame system classification, and
braced-frame system configuration. The specific research objectives are as follows:
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1. Utilize dynamic analysis to evaluate the overall seismic response and collapse
performance of OCBFs;
2. Relate the influences and responses between varying key parameters of location
(Western US or Central US), system classifications (SCBF or OCBF), and system
configuration (paired single diagonal or chevron brace) on seismic performance;
3. Deepen the understanding of OCBF seismic response, including identification of
key failure mechanisms and typical yielding and failure hierarchies under cyclic
loading; and
4. Determine potential design recommendations for OCBFs to mitigate any identified
performance deficiencies.
1.4 Document Overview
This document describes the investigation of system performance of OCBFs using
nonlinear response-history analysis and identifies common failure modes and sequences
observed to evaluate current design provisions. The chapters are organized as follows:
o Chapter 1 introduces the OCBF system and site locations, lists the research
objectives, and overviews the document layout.
o Chapter 2 reviews post-earthquake CBF damages that occurred in the United
States and Japan, previous experimental and numerical research on SCBFs,
OCBFs, and nonductile CBFs (NCBFs), previously developed CBF nonlinear
modeling approaches, and previous NMSZ research.
o Chapter 3 discusses the local site seismic parameters, archetype building
design (including lateral- and vertical-force resisting systems) using the same
building plan and geometry as Sen (2018), connection design, elastic analysis
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to verify drift limits, and eigenvector analysis to ascertain building dynamic
properties.
o Chapter 4 describes the nonlinear braced-frame modeling approach and
associated limit states used in the present work developed by Sen (2019),
nonlinear static cyclic analyses used to verify expected model response, and
input ground-motion suites selected for the dynamic analysis.
o Chapter 5 quantifies the system response, seismic performance, and failure
sequences of the OCBFs.
o Chapter 6 compares the seismic performance states on the terms of varying
system classification (OCBF and SCBF), building location (Seattle and
Memphis), and CBF configuration (chevron and paired single diagonal brace).
o Chapter 7 summarizes the research and notable conclusions based on the
seismic performance comparison and recommends topics for future work.
Appendix A provides a sample calculation for the brace connection design using
the Uniform Force Method (UFM) procedure.
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CHAPTER 2 LITERATURE REVIEW
This chapter will summarize significant research on the seismic design,
performance, and assessment of concentrically braced frames; this includes postearthquake damage reconnaissance, experimental testing, and computational seismic
performance evaluations. The focus of this discussion will be on ordinary concentrically
braced frames (OCBFs), but other braced frame system classifications including special
concentrically braced frames (SCBFs) and nonductile concentrically braced frames
(NCBFs) will be included to provide sufficient historical context.
2.1 Post-Earthquake CBF Damage Evaluation
Past earthquake reconnaissance allows the opportunity to observe structural
vulnerabilities that cannot be fully predicted solely through academic research. There are
few large earthquakes to judge the adequacy of CBF performance; this is especially
applicable for SCBFs as they were introduced in the 1994 Uniform Building Code (ICBO
1994) and for OCBFs as they were introduced in the 1997 Seismic Provisions (AISC
1997). Despite this limited record, it is still meaningful to discuss failure trends observed
and documented following earthquakes in Japan and the United States, as those two
countries have sustained large earthquakes which provide the most insight into CBF
performance. Japan has similar brace-to-gusset connections for CBFs, so behavior in
earthquakes in Japan can be extrapolated to describe United States construction. But it
should be noted that typical construction practice differs from the Unites States in that
Japan usually employs fully restrained beam-to-column connections as the main lateralforce-resisting system (LFRS), with braced frames included as a supplement to these
moment frames. As a result, the distribution between forces resisted by the braces and the
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frames are different and the moment frames provide substantial resistance even after
fracture of the braces or their connections. Nevertheless, important observations from
notable earthquakes are organized below by date.
2.1.1 1978 Miyagi-ken-oki Earthquake (Japan)
The Miyagi-ken-oki earthquake occurred on June 12, 1978, and was the first
event to damage steel buildings in Japan significantly; the earthquake’s effect was mainly
concentrated in an industrial area of Japan. The Mw 7.7 earthquake damaged over 1300
steel braced frames, fractured brace connections of 107 buildings, and collapsed 6
buildings (Tanaka et al. 1980). Figure 2.1 documents some of the damage, including the
brittle failures of bolt and weld fracture. Following the earthquake, Japan amended their
seismic design by amplifying CBF design forces by 50% to help strengthen the
connection design, as well as designing the CBFs to resist a 20% increase in the tensile
brace force (Tanaka et al. 1980). This earthquake also pioneered the formation of the USJapan Cooperative Research Program.
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(a) Collapsed warehouse

(b) Brace-to-gusset bolt fracture

(c) Brace-end connection fracture

(d) Column-gusset plate weld
fracture

Figure 2.1: 1978 Miyagi-ken-oki earthquake structural observations (Tanaka et al. 1980)

2.1.2 1994 Northridge Earthquake (United States)
The Mw 6.7 Northridge earthquake occurred on January 17, 1994, near Los
Angeles, California. The earthquake damaged several steel braced frames, although
widespread damage to steel moment frames was a major focus. Nevertheless, there were
9 CBFs with structural damages and no CBFs that collapsed (Tremblay et al. 1995).
Some of this structural damage included brace buckling, brace fracture, brace connection
fracture, and column anchor bolt fracture. Figure 2.2 documents some examples of brace
out-of-plane buckling, gusset-plate interface weld fracture, and midspan brace fracture.
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This CBF damage is comparable to the 1978 Miyagi-ken-oki earthquake. Post-Northridge
design changes to CBFs included provisions to clearly establish the intended yielding
mechanism for SCBFs: brace buckling in compression and brace yielding in tension.
Engineers also realized the importance of the post-buckling response of the frame and the
failure hierarchy over the time duration of the shaking.

(b) Gusset-plate interface weld fracture

(a) Brace out-of-plane buckling

(c) HSS midspan brace fracture

Figure 2.2: 1994 Northridge earthquake structural observations (Tremblay et al. 1995)

2.1.3 1995 Kobe Earthquake (Japan)
The Mw 6.9 Kobe Earthquake occurred near Kobe, Japan on January 17th, 1995.
Nearly 1300 steel structures were damaged and 90 collapsed; of these, 130 buildings with
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CBFs were damaged and 10 collapsed (Tremblay et al. 1996). The collapsed CBFs were
in older construction buildings with relatively light bracing members such as angles and
rods. Typical CBF damage sequences including brace buckling, brace fracture, and
connection fracture are documented in Figure 2.3. The net-section fracture shown in
Figure 2.3b is due to the light bracing member with deficient cross-sectional area to resist
the tensile force that developed in the brace. Near-field earthquakes, like the Kobe
earthquake, tend to lead to net-section fracture in braces with pulse-like loadings. There
were reported cases of beam-column shear-plate connection damage as well.

(a) Brace fracture and plastic hinge formation

(b) Brace net-section rupture

Figure 2.3: 1995 Kobe earthquake structural observations (Tremblay et al. 1996)

2.1.4 2011 Tohoku-oki Earthquake (Japan)
The Mw 9.1 Tohoku-oki Earthquake occurred on March 11, 2011, near Honshu,
Japan. The steel braced frames in Honshu were mainly located in warehouses, factories,
and parking structures. Observed damage to these braced frames included gusset-plate
bending and fracture. Figure 2.4 below shows examples of some of these observed
deformations (Okazaki et al. 2013). As the Tohoku earthquake occurred in the past
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decade, there are even fewer reported damages of CBFs as buckling-restrained braced
frames and other systems have gained popularity in Japan.
Figure 2.4b shows an eccentrically braced frame in the chevron configuration.
The gusset plate fractured in the earthquake which caused the right brace-to-gusset
assembly to loss all axial resistance as there was no longer a lateral load path. The
midspan section of the beam also has flexural yielding observed by the slight downward
deflection at the center; this is due to the brace unbalanced forces in tension and
compression that imposed a large downward vertical force and moment at the center of
the beam. The yielding-beam mechanism that formed helped to dissipate some of the
energy and limited the forces that could form in the braces. Modern provisions in
ASCE/SEI 7-16 (ASCE 2017) require SCBFs and OCBFs to be designed for the large
moment imposed on the beam midspan due to brace unbalanced forces.

(a) Gusset-plate fracture

(b) Gusset-plate and net-section fracture

Figure 2.4: 2011 Tohoku-oki earthquake structural observations (Okazaki et al. 2013)
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2.2 Experimental Research
Experimental research to investigate the seismic behavior of CBFs over the past
50 years has led to significant improvements in the seismic design of steel buildings.
Relevant experiments to the present work will be categorized in this section by
experimental research concerning SCBFs, OCBFs, NCBFs, and framing member beamto-column connections. These experiments are important because they give insight into
possible failure sequences and critical limit states in each of these CBF configurations
that will later be modeled in the response-history analysis in the present work.
2.2.1 SCBF Experiments
A series of experiments was conducted at the University of Washington on
gusset-plate connections suitable for SCBFs with the purpose of understanding
unintended failure modes and deformation capacity during seismic response to propose a
design procedure that balances primary yielding with other complementary yielding
mechanisms. Specifically, there were 28 full-scale experiments of single-story SCBFs,
where the steel members were designed as if they were the lower story of a three-story
building. Furthermore, three 2-story tests and 3 full-scale SCBF frames were tested at
Taiwan’s National Center for Research on Earthquake Engineering (NCREE) Laboratory
(Roeder et al. 2011). The goal of these experiments was to evaluate the adequacy of
gusset-plate connections designed following the Steel Construction Manual AISC
(2017b), with particular interest on the impact of different brace cross section members,
brace connection configurations, and gusset-plate properties and geometry.
The results of these experiments led to the development of the Balanced Design
Procedure (BDP) that promotes ductility and inelastic deformation capacity of SCBFs by
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balancing the resistances of the brace and connections to avoid brittle failure modes. For
SCBFs, the intended primary yield mechanisms are brace tensile yielding and
compressive buckling, and the secondary yield mechanism is gusset-plate tensile
yielding. This BDP is used in the present work as the basis of judging gusset-plate
interface weld rotation fracture limits of the archetype building models.
2.2.2 “R = 3” CBF and OCBF Experiments
Structural observations from the 1994 Northridge earthquake included that steel
structures possess an unknown quantity of reserve lateral load-resisting capacity not
considered in design. Stoakes and Fahnestock (2011) investigated the reserve lateral loadresisting capacity of braced frames after brittle fracture. The research included full-scale
cyclic flexural testing of CBF beam-column connections to quantify the performance of
corner brace connections. It should be noted that corner brace connections refer to the
beam-column-brace connections with a gusset plate that connects to adjacent beam and
column framing elements. In this study, the baseline connection CN1 was designed in
accordance with the uniform force method (UFM) as described in AISC (2017b). The
remaining connections CN2-CN8 encompassed modified connection parameters to
enhance flexural stiffness, strength, and connection ductility as shown in Figure 2.5.
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Figure 2.5: Connection details CN1 (a)-CN8 (h) (Stoakes & Fahnestock 2011)

The experiments indicated that the baseline double angle connection CN1,
exhibited more strength and stiffness than traditionally considered in the design of CBFs;
instead of CN1 behaving as a pinned connection, it more closely exhibited the behavior
of a partially restrained connection. Moreover, the end-plate connections C2-C5 exhibited
greater strength than the double angle connections and nearly achieved a positive moment
capacity equal to that expected beam positive moment. The modified angle connections
CN6-CN8 exhibited a greater level of deformation capacity than the end-plate
connections; however, none of the modified angle connections had an expected positive
or negative moment capacity equal to that of the beam. It should also be noted that bolt
fractures occurred in connections CN6 and CN7 due to angle bolt prying forces that
exceeded the tensile demands of the bolts. Examples of typical angle and weld fractures
are shown below in Figure 2.6 for connection CN1 and CN5. These failure modes of bolt
fracture, weld fracture, and angle fracture possible for OCBFs illustrate how the system
differs from SCBFs which are designed to avoid brittle deformations.
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(a) CN1 gusset-angle fracture

(b) CN1 web-gusset fracture

(c) Beam-to-gusset weld fracture initiation

(d) Beam-to-gusset weld fracture spread

Figure 2.6: Angle and weld limit states (Stoakes & Fahnestock 2011)

Figure 2.7: Test protocol for (a) OCBF two-story multi-story-X brace configuration and (b) “R =
3” chevron brace configuration (Bradley et al. 2017)
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In 2014 at Lehigh University’s Advanced Technology for Large Structural
Systems Engineering Research Center, two full-scale concentrically braced frames were
tested as shown in Figure 2.7 (Bradley et al. 2017). The prototype building is shown in
Figure 2.8, and close variations of this building is used in subsequent numerical seismic
performance evaluations (Bradley et al. 2021; Sizemore et al. 2017, 2019). The objective
of the experiments was to observe how varying system classifications of CBFs and
OCBFs would affect the brace global response; in addition, braced-frame system
configuration of multi-story-X and chevron braces were varied to compare the fracture
sequence and reserve capacity of the braced frames.

Figure 2.8: Typical floor plan and prototype building elevation (Bradley et al. 2017)
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Figure 2.9: Frame hysteresis for (a) multi-story-X OCBF, and (b) “R = 3” chevron CBF (Bradley
et al. 2017)

Hysteresis behaviors for the two braces are shown in Figure 2.9. The following
OCBF yielding mechanisms occurred in the second story: beam-web yielding, gussetplate yielding, brace net-section yielding, beam bottom flange local buckling, and braceto-gusset weld yielding. Following this, more brittle mechanisms such as brace-to-weld
fracture, brace partial net-section rupture, and brace-to-gusset weld fracture occurred in
the second-story braces. The load path to allow the second-story braces to continue
resisting the lateral load no longer existed, and the OCBF specimen only had lateral
resistance through limited reserve capacity until the end of the experiment. The behavior
of the “R = 3” specimen sustained resistance after brace-to-gusset weld fracture on the
first story due to formation of a link yielding mechanism that helped to increase the frame
deformation capacity. Both CBFs and OCBFs do not require capacity designs and have
less stringent connection design requirements than SCBF, so these brittle failure modes
were expected. It should also be noted that the brace net-section rupture that occurred in
the OCBF specimen was only a partial net-section rupture combined with a brace-to-
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gusset weld fracture. Net-section fracture of the brace is a likely failure mode in nearfault loading earthquakes due to tension-dominant deformation demands (Roeder et al.
2011). The present work does not include net-section rupture as a possible failure
sequence in the seismic performance comparison because of its unlikely occurrence as
far-field ground motions from crustal sources are used for the dynamic nonlinear
analysis.
2.2.3 NCBF Experiments
NCBF experiments with rectangular HSS braces, varying local slenderness ratios,
and a variety of connection configurations were tested by Sen et al. (2016a) to quantify
the failure mechanisms in older braced frames. The connection configurations tested were
typical of NCBFs and included a split double angle, continuous shear plate, split shear
plate, end plate, and integrated gusset-shear plate connections as shown in Figure 2.10.
Typical CBF yielding mechanisms and failure modes for brace-end connections are
shown in Figure 2.11. The potential yielding mechanisms include beam yielding, column
yielding, gusset-plate Whitmore section yielding, and bolt bearing. The typical failure
modes include brace net-section rupture, midspan brace fracture, weld fracture, bolt
fracture, gusset-plate buckling, and gusset-plate Whitmore section fracture.
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Figure 2.10: NCBF connection configurations (Sen et al. 2016a)

These experiments demonstrated that welds sized using required loads from the
UFM design approach were prone to premature fracture because the gusset plate was
unable to reach its full tensile capacity which decreased the system’s deformation
capacity. This was due to the weld filler metal not meeting Charpy-V-notch toughness
requirements listed in the Seismic Provisions (AISC 2017a). The loads determined from
the UFM require the welds yield and redistribute forces following the lower-bound
theorem of plasticity, which the welds in these NCBF experiments were unable to do. In
addition, NCBFs have little clearance to accommodate brace-end rotation as there were

23

no detailing requirements for gusset plates. As a result, the experiments showed a higher
frequency of gusset-plate interface weld fracture, proving the need for retrofits.

Figure 2.11: Typical CBF corner connection (a) yielding mechanisms and (b) failure (Sen et al.
2016a)

Figure 2.12 shows an example of gusset-plate interface weld fracture on
Specimen 7 because of poor accommodation for brace-end out-of-plane rotation. Since
there are also no OCBFs requirements for gusset-plate elliptical clearance, these failure
modes common in NCBFs may be possible when the seismic performance of OCBFs are
analyzed in the present work; thus, the nonlinear modeling approach will include the
possibility of these brittle limit states.
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Figure 2.12: Specimen 7 (a) weld fracture on beam-to-gusset interface, and (b) weld fracture on
gusset-to-end plate interface (Sen et al. 2016a)

Sen et al. (2016b) investigated the seismic performance of NCBFs in a chevron
configuration with yielding beams; these NCBFs all had design deficiencies according to
modern building codes. The experiments included four, 2-story specimens tested at the
National Center for Research on Earthquake Engineering (NCREE) laboratory in Taiwan,
as shown in Figure 2.13. Specimen 1 was designed with nonductile connections and
braces representative of a typical NCBF. This differs from an OCBF in that NCBF
connections were generally not designed with an overstrength factor. Specimens 2 and 3
had first-story braces of lower width-to-thickness ratios, but the same connection and
beam deficiencies as Specimen 1. Specimen 4 was a frame that satisfied all SCBF
requirements, with the exception that the first-story chevron beam was sized to form a
potential beam mechanism.
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Figure 2.13: Braced-frame test specimens 1 (left) to 4 (right) (Sen et al. 2016b)

The experiments indicated that the vertical braces not compliant with modern
SCBF local width-to-thickness highly ductile ratios were susceptible to high local
deformation and strain concentration in the cross-section, as shown in Figure 2.14. Low
width-to-thickness ratios delayed the development and severity of local deformation.
Also, the brace-to-gusset welds were not capacity designed or restricted by Charpy Vnotch weld-toughness values and failed to resist the expected tensile brace forces; this led
to premature weld fracture. The beam-to-column connections were also a concern in
NCBFs with yielding beams as they sustained large rotations following vertical beam
deflection; specifically, beam-to-column connections with welded shear plates were
damaged due to the required inelastic deformation capacity of the braced frame. These
experiments helped to influence the nonlinear modeling procedure developed later by Sen
et al. (2019).
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Figure 2.14: Specimen 1 south first-story brace with (a) local buckling, and (b) brace fracture
(Sen et al. 2016b)

2.2.4 Framing Member Beam-to-Column Connection Experiments
Liu and Astaneh-Asl (2000, 2004) evaluated the resistance of single-plate shear
connections to understand the contribution to the lateral resistance of a building. The
response of simple connections was previous neglected, but the structural observations of
the 1994 Northridge earthquake insinuated there is a lateral resistance provided to a
building beyond the intended lateral force load path used in design. To investigate this
hypothesis, 16 full-scale tests to determine the capacity and cyclic response of shear
connections with concrete slabs were performed by Liu and Astaneh-Asl (2000, 2004).
The experiments varied the number of bolts in the shear connection, type of concrete in
the slab, and shear-tab connection details.
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Figure 2.15: Moment-rotation backbone curves (Liu & Astaneh-Asl 2004)

Figure 2.15 shows the backbone curve for all eight test specimens with slabs.
Using these trends, the moment-rotation backbone curve model to estimate the positive
moment capacity and rotation capacity of bolted single-plate shear connections was
developed. This model combines the limit states strengths of bolt bearing and tearout,
bolt slip, composite beam concrete crushing, and column-beam binding to simulate the
connection’s moment-rotation response. Lateral resistance of the gravity system may be
important for simulating response of OCBFs, since they are vulnerable to brace and
connection fracture and may require lateral strength of gravity system to prevent collapse.
2.3 Nonlinear Modeling Approaches
Methods to model CBFs in the nonlinear finite-element modeling software
OpenSees (McKenna et al. 2010) have been previously developed using a range of
fracture criteria and connection discretization. Only nonlinear modeling approaches in
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OpenSees are of focus of the present work. The method most applicable to the present
work uses a MaxStrainRange (MSR) fracture criterion because it is well-calibrated for
braces with high width-to-thickness ratios and OCBFs may have higher width-tothickness ratios than SCBFs (Hsiao et al. 2012, 2013). In addition, the MSR fracture
criterion predicts the seismic response and uniaxial strain well when compared to
experimental results (Sen 2019). It should be noted that the maximum strain range is
defined as the range between the maximum tension and compression strains of a uniaxial
fiber. This method has recently been improved by predicting MSR for high brace widthto-thickness ratios, implementing the ability to remove certain elements once a certain
MSR is reached, and tracking the deformation history in braces to better quantify the
effects of load history which is helpful for chevron braced frames with beams that might
yield (Sen et al. 2019). These improvements are critical to modeling CBFs with low
ductility, as brace-to-weld fracture, gusset-plate interface weld fracture, and brace
fracture are probable failure mechanisms in OCBFs due to designing using an
overstrength factor and not a capacity design. NCBFs are susceptible to fracture due to
slender braces and weld toughness that likely do not satisfy modern Charpy-V notch
requirements. While there are other methods to model fractures including the Low-Cycle
Fatigue (LCF) material model (Uriz & Mahin 2004, 2008), the MaxStrainRange is used
in the present work.
2.3.1 SCBF OpenSees Nonlinear Modeling Approaches
The Hsiao et al. (2012) model for SCBFs utilizes a gusset-plate nonlinear out-ofplane rotational spring and multiple rigid offsets as shown in Figure 2.16; this rotational
spring simulates the flexural strength and stiffness of the gusset plate using its yield
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stress, thickness, length, and Whitmore width. The lengths L1, L2, and L3 are the
individual lengths from the top, middle, and bottom edges of the Whitmore width to the
nearest beam or column flange, respectively. These dimensions are shown in Figure 2.16
and are negative if the Whitmore width extends into the adjacent beam and column
framing elements. The rigid offset is 75% the length of the gusset plate and simulates the
stiffening provided by the gusset plate to prevent beam and column rotation in the rigid
offset zone. This rigid offset implementation is based on data from experimental testing
of SCBFs (Roeder et al. 2011). Force-based elements (FBEs) are used to model the brace.

Figure 2.16: Corner brace nonlinear model discretization (Hsiao et al. 2012)

For the beam-column shear-tab connections, implementation of rigid elements,
zero-length springs, and nonlinear beam-column elements according to Figure 2.17 is
used. The beam-column spring utilizes the OpenSees Pinching4 material that simulates
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the empirical results of Liu and Astaneh-Asl (2004); this approach allows for the sheartab connections to provide lateral resistance after brace fracture.

Figure 2.17: Diagram representing (a) shear-tab connection model, and (b) OpenSees Pinching4
material (Hsiao et al. 2012)

2.3.2 “R = 3” CBF and OCBF OpenSees Nonlinear Modeling Approaches
Modeling approaches for “R = 3” CBFs and OCBFs (Sizemore et al. 2017) were
verified by the full-scale test performed by Bradley et al. (2017). The developed braceend discretization method for “R = 3” CBF and OCBFs is shown in Figure 2.18.
Similarities between this model and Hsiao et al. (2012, 2013) include rigid offset
materials that connect at the work points to simulate gusset-plate rotational stiffness, as
well as a gusset-plate translational spring to simulate the strength and stiffness of the
gusset plate.
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Figure 2.18: Connection discretization method (Sizemore et al. 2017)

In contrast to Hsiao et al. (2012, 2013), the OCBF brace discretization utilizes the
LCF model with the Fatigue material (Uriz & Mahin, 2004, 2008) and has a translational
weld spring to simulate fracture of the brace-to-gusset weld. Once the fatigue parameters
for the translational weld spring are exceeded, fracture is simulated with total loss of
axial strength. There is a gap-contact element to capture brace compression
reengagement, an event which may occur following brace-to-gusset weld fracture; this
brace compression realignment is not included in Hsiao et al. (2012) or the present work
due to its highly variable nature. Also, the nonlinear response of the beams and columns
utilize rotational spring elements rather than distributed-plasticity elements. The beam-tocolumn connection adjacent to the gusset plate is attached to the column with zero-length
fiber section elements at each bolt line to simulate the hysteretic response of the bolted
double-angle connection. The model includes the limit states of angle bearing, bolt slip,
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and beam flange bearing on column flange. It should be noted that secondary yielding
mechanisms in the double-angle connections are not included in the nonlinear modeling
of the present work.
Bradley et al. (2021) utilized a similar, but improved model, for a new numerical
seismic performance evaluation. This model scheme was also validated with
experimental results from Bradley et al. (2017) and is shown in Figure 2.19. Changes
from the previous method concern the top and seat angles in the Reserve Moment
Resisting Frame (RMRF), which were modeled by a single fiber positioned at the angle
heels. The failure strains of the Fatigue materials were defined such that the number of
cycles prior to fracture in the angle models match experimental test observations. Also,
the midspan chevron beam connection shown in Figure 2.19 uses similar modeling
approaches as the corner brace connection.
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(a) RMRF brace-end

(b) Midspan chevron beam
Figure 2.19: Connection discretization method (Bradley et al. 2021)
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2.3.3 NCBF OpenSees Nonlinear Modeling Approaches
Sen et al. (2019) improved the MSR wrapper from Hsiao et al. (2012, 2013) to
track global deformation between two nodes, specify a lower bound MSRf for concretefilled braces, and remove elements from the analysis when a predetermined fracture
criterion is reached. With these additions, the MaxStrainRange material wrapper can be
used to simulate brace fracture, brace-to-gusset weld fracture, gusset-plate interface weld
fracture, and secondary yielding mechanisms. In addition, displacement-based beamcolumn elements (DBEs) are used for the braces instead of FBEs. DBEs are preferred
when modeling fracture elements because brace buckling and fracture can lead to sudden
changes in material stiffness which, in some circumstances, leads to numerical instability
at the element level. Brace fracture is simulated with the MaxStrainRange material using
Eq. 2.1 to calculate the MSR fracture criterion for a DBE. In this model, rectangular HSS
braces have sixteen displacement-based elements and four integration points per element.
Braces are given an initial sinusoidal imperfection of L/500 to seed the direction of
buckling and provide strength consistent with Eqs. E3-2 and E3-3 in the “Specification
for Structural Steel Buildings” ANSI/AISC 360-16 (AISC 2017c). The last term in Eq. 2.1
includes a ratio of the maximum brace compressive deformation to maximum brace
tensile deformation and is tracked with the MaxStrainRange wrapper in OpenSees and
calibrated from an expanded data set by Sen (2019).

𝑀𝑆𝑅𝑓,𝑑𝑖𝑠𝑝
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𝛿𝑐,𝑚𝑎𝑥
(
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(2.1)

Each line element in the braces, beams, and columns use fiber sections to model
the member’s initial cross-sectional shape, with individual steel fibers as the Steel02
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material (Filippou et al. 1983; Menegotto & Pinto 1973). Once the MSR is reached,
fracture is initiated in the brace fiber and removes the element by reducing the element’s
strength and stiffness to essentially zero. If more fibers attain the limiting MSR, their
progressive fracture leads to complete fracture of the brace cross section. This brace
section is discretized into four fiber layers through the wall thickness and four fiber layers
along the wall corners, resulting in 128 total fibers in the brace cross section. The Steel02
material model in OpenSees is used in the braces with a 1% kinematic strain hardening
ratio following initial yielding of the material. To model column buckling in NCBFs,
columns are discretized with twelve, equally spaced nonlinear beam-column elements.
For columns, either DBEs or FBEs can be used in the model since column fracture is not
modeled.
In alignment with the method by Hsiao et al. (2012, 2013), rigid offsets to account
for connection geometry are included as shown in Figure 2.20. This figure also shows the
gusset-plate spring implementation for NCBFs, which simulate three probable gussetplate limit states. The first limit state is gusset-plate yielding, where yielding in tension of
the gusset plate is simulated through an axial spring in line with the brace. The simulated
strength of this spring can be calculated using Eq. 2.2 and the simulated stiffness of the
gusset plate can be calculated using Eq. 2.3.
𝑃𝑦 = (𝑅𝑦 𝐹𝑦 )𝑝 𝐵𝑤

𝐾=

𝐸𝐵𝑤 𝑡𝑝
𝐿𝑎𝑣𝑔

(2.2)

(2.3)
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Figure 2.20: Brace-end modeling approach for (a) Simplified CBF, (b) Detailed SCBF, and (c)
Detailed NCBF (Sen et al. 2019)

The strength and stiffness of the spring model uses the physical characteristics of
the gusset-plate Whitmore lengths, thickness, and yield stress to calculate the nonlinear
spring resistance. The Whitmore length Lavg, is the average of L1, L2, and L3 and is shown
in Figure 2.21. The gusset-plate axial yielding spring can be implemented in OpenSees
using an axial spring at the brace-end with a force-displacement behavior defined by the
Steel02 uniaxial material model.
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Figure 2.21: Gusset-plate lengths (left) and elliptical clearance geometry (right) (Sen et al. 2019)

The next applicable gusset-plate limit state that can be modeled with this
approach is brace-to-gusset weld fracture. In contemporary construction practices, HSS
braces are slotted to allow the gusset-plate connection and welded with four longitudinal
fillet welds. Brace-to-gusset weld strength is modeled using weld nonlinear behaviors
described in AISC (2017b), which defines the normalized stress-deformation behavior of
welds for use with the instantaneous center of rotation method as shown in Eq. 2.4, where
p is the ratio of the weld deformation, ∆ ,to the weld deformation at ultimate load, ∆𝑚
(Lesik & Kennedy 1990). Furthermore, Eq. 2.5 develops a force-deformation relationship
for a weld group of four concentrically loaded longitudinal fillet welds where the load is
applied parallel to the weld (Lesik & Kennedy 1990).
𝐹𝑛𝑤 (𝑝) = 0.60𝐹𝐸𝑋𝑋 (1.0 + 0.50 𝑠𝑖𝑛1.5 𝜃𝑖 )[𝑝(1.9 − 0.9𝑝)]0.3

𝑃𝑏𝑟𝑤 (∆) = 4.80𝐹𝐸𝑋𝑋 𝑤𝑏𝑟 𝐿𝑤 [

∆
∆ 0.3
(0.35 −
)]
𝑤𝑏𝑟
𝑤𝑏𝑟

(2.4)

(2.5)

The force-deformation behavior of the weld can be modeled in OpenSees using an
axial spring at the brace-end using the MultiLinear uniaxial material as shown in Figure
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2.20. Next, the MaxStrainRange wrapper can be used to model fracture with a
unidirectional deformation capacity of 0.339wbr for longitudinally loaded fillet welds.
Both springs of the first two limit states discussed, gusset-plate axial yielding and braceto-gusset weld fracture, can be modeled in the same ZeroLengthElement using the Series
uniaxial material.
The next applicable gusset-plate limit state that can be modeled is gusset-plate
interface weld fracture. The strength and stiffness of the gusset-plate out-of-plane rotation
spring are based on fundamental structural mechanics and are shown in Eqs 2.6 and 2.7
(Sen 2019), respectively.

𝑀𝑦 =

𝐵𝑤 𝑡𝑝2 𝐹𝑦
6

(2.6)

𝐾𝑟𝑜𝑡 =

𝐸𝑠 𝐵𝑤 𝑡𝑝3
12𝐿𝑎𝑣𝑔

(2.7)

An MSR wrapper is added to the rotational out-of-plane spring. The demand-tocapacity ratio (DCR) computed for each gusset-plate weld is used to calculate the gussetplate failure rotation value for the MSR wrapper. Once the gusset-plate spring in the
nonlinear model is rotated to 𝜃𝑓 , gusset-plate interface weld fracture occurs. At this point,
the gusset-plate rotational out-of-plane spring is removed from the model using the MSR
wrapper material, and post-yielding mechanisms can be added to the model to account for
the remaining reserve capacity. For NCBFs, when the gusset-plate failure rotation
criterion value is reached, the beam-to-gusset rigid offset is also removed to facilitate
plastic hinging occurring in what was previously the region offset zone. The rigid beamcolumn spring adjacent to the gusset plate is also removed after gusset-plate interface
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weld fracture because the gusset plate is disconnected from the beam and column and no
longer provides a stiffening effect to prevent rotation. The location of the brace-to-gusset
weld and gusset-plate interface welds are shown in Figure 2.22. This OpenSees nonlinear
modeling procedure developed by Sen et al. (2019) is used in the present work because it
is able to model the possible OCBF failure modes of brace-to-gusset weld fracture,
gusset-plate interface weld fracture, brace fracture, gusset-plate axial yielding, chevron
beam flexural yielding, and column buckling. The implementation of the procedure will
be discussed in Chapter 4.

Figure 2.22: Gusset-plate interface welds (Sen 2019)

2.4 Seismic Performance Evaluation
There have been extensive research efforts to perform seismic performance
evaluations using computational nonlinear analyses software, such as OpenSees. This
section describes the results of some of these numerical seismic performance evaluations
and are separated by sections to address SCBF and NCBF research, and OCBF research.
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The OCBF research focuses on a system’s reserve capacity. It should be noted that
reserve capacity is defined as the lateral resistance a frame has following lateral load path
loss to its intended seismic-force-resisting-system. Reserve capacity in gravity framing
can include frame action due to beam and column bending and the resistance of the
beam-to-column connections.
2.4.1 SCBF and NCBF OpenSees Computational Research
Sen (2018) evaluated the seismic performance and collapse of three- and ninestory SCBF and NCBF buildings for a site in Seattle at five different return period hazard
levels. The nonlinear models simulated brace fracture, connection fracture, and weak
frame elements. The results of seismic performance evaluations were used to recommend
retrofit strategies for design deficient NCBFs. The archetype building plans and
elevations of the buildings are shown in Figure 2.23, with paired single diagonal braces in
the longitudinal direction and chevron braces in the transverse direction.

Figure 2.23: Archetype building plans and elevations (Sen 2018)
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Some notable results from the nonlinear response-history analyses showed that
NCBFs sustained much larger drift demands than SCBFs. For example, SCBF buildings
had median story drifts in the range of 0.6 to 0.7%, whereas NCBFs had median story
drifts in the range of 0.7 to 1.5%. Moreover, at the 2,475-year hazard level, SCBFs had
collapse probabilities of exceedance of less than 10%, whereas NCBFs had collapse
probabilities of exceedance between 60 and 95% (Sen 2018). Both the NCBF and SCBF
buildings were similar in that soft-story drift concentration and collapse were observed in
the first story. In addition, it was determined that NCBFs with HSS braces and a widthto-thickness ratio greater than 1.6 times the highly ductile SCBF limit are high retrofit
priority. Insufficient NCBF braces are susceptible to brace deformation concentration and
premature brace fracture due to low-cycle fatigue. The same archetype building plan used
in the Sen (2018) study will be used in the present work but will be designed according to
OCBF provisions; more detailed comparisons between the responses of the 3-story
SCBFs and OCBFs buildings under the nonlinear dynamic analyses will be discussed in
Chapter 6. The OCBF performance would be expected to have similar collapse
probabilities to SCBFs at the 2,475-year hazard level, as this is the intent of the collapse
performance objectives of ASCE/SEI 7-16 (ASCE 2017).
2.4.2 “R = 3” CBF and OCBF OpenSees Computational Research
A study of chevron braced steel frames was conducted by Hines et al. (2009) to
determine the collapse vulnerability of “R = 3” CBFs. Chevron braced frames were
designed for buildings with 3, 6, 9, and 12 stories and for response modification
coefficient R values of 2, 3, and 4. The buildings had the same geometry as the nine-story
SAC building (FEMA 2000). The results of the analyses indicated that collapse
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prevention of CBFs when subjected to strong earthquakes depend heavily on the ability
of a building’s gravity system to act as a reserve system. In addition, Hines et al. (2009)
developed a ground-motion suite for Boston, and this suite was used in subsequent
research. This ground-motion suite was specifically developed for Boston,
Massachusetts, and consisted of 14 measured ground motions through Site Class D soil,
and one synthetic motion to match the Site Class D maximum considered earthquake
(MCE) Boston design spectrum shown in Figure 2.24.

Figure 2.24: Boston acceleration response spectrum (Hines et al. 2009)

Sizemore et al. (2017) conducted cyclic static pushover tests of low-ductility
CBFs to deepen the understanding of the nonlinear response of low-ductility CBFs and
identify reserve capacity characteristics. The connection discretization previously
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discussed in Section 2.3.2 and shown in Figure 2.18 was used. This research was a
successor to the full-scale tests conducted at Lehigh University (Bradley et al. 2017), and
the numerical models were calibrated to match the full-scale tests. The parametric study
varied system classification (“R = 3” CBF or OCBF), system configuration (multi-storyX or chevron brace), and building period (approximate period, Ta, or calculated period,
Tc). The prototype building had the same building configuration and geometry but with
different structural members sizes as Bradley et al. (2017).
The yielding and fracture mechanisms that developed were influenced by brace
configuration. The study ascertained that a chevron configuration with a yielding beam
mechanism could result in greater strength and deformation capacity than the multi-storyX configuration following connection fracture. Two-story mechanisms formed in some of
the multi-story-X frames. In terms of system classification, OCBF chevron beams were
strong enough to carry the unbalanced load from the brace and allow damage and energy
dissipation to mainly be concentrated in the brace. The OCBF had weld strength capacity
greater than the strength of the brace yielding, which allowed the brace to yield in tension
and buckle in compression before brace-to-gusset weld fracture occurred; the welds and
connections in OCBFs are designed with an overstrength factor of 2 as noted in the
Seismic Provisions (AISC 2017a). The “R = 3” CBFs did not perform as well as OCBFs
and sustained failures at lower-story drifts, a testament to their less stringent seismic
design requirements.
Sizemore et al. (2019) performed a dynamic seismic performance assessment of
low-ductility CBFs using the same Boston ground motions developed by Hines et al.
(2009), and a prototype building with same building geometry and configuration to
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Bradley et al. (2017). The test matrix for this study modified the parameters of system
configuration (chevron or multi-story-X), system classification (“R = 3” CBF,” R = 3.25”
OCBF, or “R = 4” CBF), and number of stories (3, 6, or 9). The connection discretization
previously shown in Figure 2.18 was used. The proposed “R = 4” CBF had brace-togusset connections and columns designed with the same overstrength factor of 2 as
conventional OCBF design and same brace slenderness limits as the conventional OCBF
design. However, the chevron beams in the “R = 4” CBFs were not designed for a
downward vertical unbalanced brace force.
The analyses showed that the chevron configuration performed better than the
multi-story-X counterparts. OCBFs performed better than non-seismically detailed CBFs
as shown with trends of their fragility curves in Figure 2.25, a testament to their seismic
detailing and proportioning designs. FEMA P-695 (FEMA 2009) has a basic acceptance
criterion of a probability of collapse less than or equal to 10% at the MCE. Most of the
OCBFs met FEMA P-695 collapse performance of probability of collapse, whereas none
of “R = 3” CBFs did. Figure 2.25 and Figure 2.26 show the collapse fragility curves of
the different systems.
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Figure 2.25: Collapse fragility curves for “R = 3” CBFs and “R = 3.25” OCBFs (Sizemore et al.
2019)

The different response modification coefficients, R, affected system response.
Figure 2.26 delineates the fragility curves for the “R = 4” CBFs, which had acceptable
collapse prevention for all cases expect the 3-story multi-story-X configuration. It was
determined the “R = 4” CBFs collapsed on average at slightly lower scale factors than the
corresponding OCBFs, but were more economical with overall less steel weight.

Figure 2.26: Collapse fragility curves for “R = 4” CBFs (Sizemore et al. 2019)

Next, Bradley et al. (2021) performed a parametric collapse performance study of
low-ductility CBFs with reserve capacity using incremental dynamic analysis (IDA). This
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OpenSees parametric study used the same prototype building as Bradley et al. (2017).
The buildings were designed for 218 different SFRS variations, with most designed as
hybrid systems consisting of a primary chevron brace supplemented by a reserve moment
resisting frame, as shown previously in Figure 2.19. Notable conclusions from the study
were that collapse probabilities can be reduced by designing for a failure hierarchy that
allows for optimal system reserve capacity. The “R = 3” system exhibited poor collapse
performance due to a lack of seismic detailing and proportioning.
A soft first-story mechanism was responsible for approximately 97% of the
collapses for the braced dual frame systems (Bradley et al. 2021). This soft first-story
mechanism is attributed to the large stiffness at the first story compared to the rest of the
building, causing an increase in seismic weight and inertial forces. Also, there was a
single continuous column along the height of the building which helped to increase the
reserve capacity in the upper stories as plastic hinging occurred within the first story.
Because of this, the first story experienced drift concentrations and soft-story collapses
with weld fractures at the base of the columns. The study also ascertained that all of the
OCBFs met collapse performance objectives in ASCE/SEI 7-16 (ASCE 2017) and
performed better than the “R = 3” CBFs. However, there were no instances of brace
buckling in any of the IDA simulations; this limited the ductility, stiffness, and strength
of the system. As a result, the OCBF nonlinear dynamic analyses in the present work are
expected to have most of the deformation concentrated in the brace connection instead of
the brace, as the brace connections may be a more critical strength to the system.
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2.5 New Madrid Seismic Zone Research
The seismic performance comparison in the present work includes OCBFs
designed for sites in the downtown areas of Seattle, Washington, and Memphis,
Tennessee. Memphis is located in the vicinity of the New Madrid Seismic Zone (NMSZ),
and structures there are designed for relatively large seismic forces. Loss assessments for
Memphis have been studied by the Federal Emergency Management Agency (FEMA
1985), which assessed the damage of a Mw 6.7 scenario earthquake, and by Abrams and
Shinozuka (1997), which assessed the damage of a Mw 7.5 scenario earthquake. The
results of both assessments estimated multibillion-dollar damages in Memphis. Building
codes have been improved over the past several decades to increase the building design
base shear and therefore improve seismic resiliency of new structures.
Previous NMSZ research has focused on low-to-midrise reinforced concrete (RC)
structures. These studies are included in the literature review to present the previous
research related to seismic performance of buildings, even though the present research
concerns steel braced frames. The RC research utilizes synthetic ground motions for
dynamic analyses. The Wen and Wu (2001) ground motions were developed for 2, 5, and
10% probabilities of exceedance in 50 years for both hard rock and Site Class D. The
Fernandez and Rix (2006) ground motions were also developed for 2, 5, and 10%
probabilities of exceedance in 50 years; these ground motions were developed for soil
sites in the Upper Mississippi Embayment.
2.5.1 Reinforced Concrete Frames
A research study to determine the impact of code requirements for a reinforced
concrete building near the NMSZ was conducted by Kueht and Hueste (2009). For the
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study, four-story reinforced concrete moment frames with a pan joist floor system were
designed following provisions of the 2003 International Building Code (IBC), 2003 IBC
with local Memphis amendments, and the 1999 Standard Building Code (SBC); Figure
2.27 shows the impact of the building codes on the seismic parameters. CS1 and CS3
were designed with Special Moment Frames (SMF), while CS2 was designed as an
Intermediate Moment Frame (IMF), based on the less stringent seismic requirements of
the 2003 IBC with local Memphis amendments. The type of moment frame chosen for
design, IMF or SMF, depended on the Seismic Design Category (SDC) required for each
specific building code. Site soil conditions were assumed to be Site Class D. Synthetic
ground motions (Fernandez & Rix 2006) were used for nonlinear dynamic analysis.

Figure 2.27: Building dynamic properties summary (Kueht & Hueste 2009)

Conclusions from the seismic performance showed that the requirements of the
SDC had a more significant impact on the seismic performance than solely design
differences related to the building design base shear. In addition, the SMF performance
exhibited greater strength and system ductility compared to the IMF. Although none of
the designs satisfied the Collapse Prevention (CP) criteria for a 2,475-year earthquake
return period, the IMF design performed worse, exceeding plastic rotation limits by
nearly 10 times that of the SMFs. Overall, this study confirms the significant influence of
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seismic code provisions for low- and mid-rise RC buildings in the NMSZ and provides an
assessment of potential deficiencies that RC moment frames designed to outdated codes
may have.
Celik and Ellingwood (2009) performed a seismic risk assessment of gravity load
designed (GLD) RC frames subjected to NMSZ ground motions. Buildings of three-, six, and nine-stories were designed solely with gravity loads to represent the inventory of
some RC frames in the CEUS. OpenSees was used for the nonlinear analysis with two
sets of synthetic ground motions (Fernandez & Rix 2006; Wen & Wu 2001). Site Class D
soil conditions were used for Memphis. Fragility curves were developed to evaluate the
seismic vulnerability of the RC frame inventory in Memphis. Figure 2.28 below shows
damage state probabilities for the GLD Memphis buildings based on performance
objectives in FEMA (2003). This performance evaluation indicated that it is unlikely that
most existing GLD RC frames, which are typical of design practices in the CEUS prior to
1990, would meet the collapse performance objectives in ASCE/SEI 7-16 (AISC 2017) of
a 10% probability of collapse in the risk-adjusted maximum considered earthquake
(MCER).
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Figure 2.28: Damage state probabilities for GLD RC frames at 10, 5, and 2% PE in 50-year
earthquake hazard levels for Memphis (Celik & Ellingwood 2009)

2.6 Summary
The main results from the literature review are as follows:
o Brittle brace and connection fractures were observed in past earthquakes. This can
suggest that OCBFs have nonductile failure vulnerabilities, which is expected and
acceptable based on the equal displacement rule design if the system still meets
collapse performance objectives of ASCE/SEI 7-16 (ASCE 2017).

52

o The OpenSees nonlinear modeling techniques developed by Hsiao et al. (2012,
2013) and refined by Sen et al. (2019) have been proven to be accurate and will
be utilized in the present work to conduct the seismic performance comparison.
o The same archetype building plan used in the Sen (2018) study will be used in the
present work but will be designed according to OCBF provisions.
o There has been a lack of research to quantify the seismic performance of steel
braced frames in the NMSZ. Of the RC moment frame research, it has been
shown there are deficiencies in the design and performance of buildings designed
with outdated building codes or designed for only gravity loads, but these issues
should not arise for new structures designed using current building codes.
o Few studies have compared SCBF and OCBF performance directly. Few studies
have also focused on OCBF performance in regions with high seismic hazards,
such as Seattle and Memphis which both have an SDC of D. The OCBF studies
discussed in this chapter all are with a site in Boston with an SDC of B and have
ground motions scaled to represent that seismic risk.
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CHAPTER 3 BUILDING DESIGN METHODOLOGY
The present work will compare OCBF seismic performance in different seismic
regions, so two buildings that employ OCBFs as their lateral-force-resisting systems were
designed for one building for a site in Seattle, Washington (Western United States), and
the other building for a site in Memphis, Tennessee (Central United States). Both
buildings utilized the same three-story archetype building geometry as Sen (2018), and
the building plan is shown in Figure 2.23. This chapter will discuss the design process for
the study buildings. The chapter will be divided into sections discussing the site seismic
parameters of the Seattle and Memphis buildings, building design process for both the
vertical- and lateral- force resisting systems, connection design, building elastic analysis
to check story drifts, and eigenvector analysis to determine the natural periods and mode
shapes of the braced frames.
3.1 Site Seismic Parameters
The Seattle site (47.619°N, 122.333°W) is in Downtown Seattle and is the same
used in the research by Sen (2018). The Memphis site (35.141°N, 90.056°W) is chosen to
be a location in Downtown Memphis. The archetype building is a low-rise building with
three stories and a height of 39 feet. The height limit for OCBFs in SDC D is 35 feet
(ASCE 2017). The values for each site’s seismic design category, design spectral
response acceleration parameter at short periods SDS and at a 1-second periods SD1,
mapped MCER spectral response acceleration parameters at 1-second period S1, and the
long-period transition period TL were determined using the USGS Seismic Design Maps
Web Services tool (USGS 2022) that followed ASCE/SEI 7-16 standards (ASCE 2017).
The seismic design response spectra for the 2/3 MCER were computed in accordance with
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Section 11.4.6 of ASCE/SEI 7-16 for the Seattle and Memphis sites and are shown in
Figure 3.1.

Figure 3.1: Seismic design response spectrum graph

Table 3.1 summarizes the seismic design parameters of the two sites. It should be
noted that both sites are classified as Seismic Design Category D. However, the Seattle
site has greater spectral accelerations, largely due to its proximity to the Cascadia
Subduction Zone and Seattle Fault. St. Louis is the other large urban area in the NMSZ
and is included in Table 3.1 for comparison. Memphis has a closer proximity to the
NMSZ than St. Louis, lending itself to larger spectral accelerations.
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Table 3.1: Seismic Design Parameters
Parameter
Longitude and latitude
Site Class
Seismic Design Category
Design spectral response
acceleration parameter at short
periods, SDS (g)
Design spectral response
acceleration parameter at 1 second
period, SD1 (g)
Mapped MCER spectral response
acceleration parameter at 1 second
period, S1 (g)
T0 = 0.2(SD1/SDS) (s)
Ts = SD1/SDS (s)
Long-period transition period, TL
(s)
Approximate period, Ta (s)
Calculated fundamental period, T1
(s)
Seismic design coefficient in
longitudinal direction, Cs, long
Seismic design coefficient in
transverse direction, Cs, trans
Seismic longitudinal base shear,
Vlong (k)
Seismic transverse base shear,
Vtrans (k)
a

Seattle Site

Memphis Site

St. Louis
Sitea

(47.619°N,
122.333°W)
C
D

(35.141°N,
90.056°W)
D
D

(38.623°N,
90.193°W)
D
C

1.10

0.74

0.44

0.48

0.45

0.24

0.48

0.34

0.16

0.09
0.44

0.12
0.61

0.11
0.56

6

12

12

0.31
Chevron OCBF: 0.37
Diagonal OCBF: 0.41

0.31
Chevron OCBF: 0.44
Diagonal OCBF: 0.45

-

0.34

0.23

0.13

0.34

0.23

0.13

1880

1264

742

1873

1264

742

-

Only used for comparison and not included in study in present work

The Seattle site has a Site Class C classification, corresponding to very dense soil
and soft rock; this assumption is consistent with Sen (2018). The Memphis site has Site
Class D classification; this was chosen as the same classification used by the research
discussed in Section 2.5 as Memphis is in the center of the Mississippi embayment which
contains stiff soil (Celik & Ellingwood 2009; Kueht & Hueste 2009). Both the Seattle
and Memphis sites had the same approximate fundamental period calculated using Eq.
3.1 where coefficients Ct and x were determined from Table 12.8-2 (ASCE 2017) to be
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0.02 and 0.75, respectively. The structural height, hn, is 39 feet for the archetype building.
The fundamental period, T, cannot exceed CuTa, where Cu is the coefficient for upper
limit on calculated period from Table 12.8-1 (ASCE 2017); this was equal to 1.4 for both
the Seattle and Memphis OCBFs. The calculation for Tlim is shown in Eq. 3.2.
Ta = Ct hxn = (0.02)(39 ft)0.75 = 0.31 s

(3.1)

Tlim = Cu Ta = (1.4)(0.31 s) = 0.45 s

(3.2)

Since the Memphis site had a Site Class D classification and S1 greater than 0.2 g,
site-specific ground-motion procedures outlined in Section 11.4.8 of ASCE (2017) were
considered. For OCBFs, a response modification factor, R, of 3.25 is used to reduce the
design forces, which implies some (but not significant) ductility. An importance factor,
Ie, of 1.0 was used as the buildings are classified as Risk Category II. The Memphis
OCBFs each had an approximate period, Ta, of 0.31 s, which is less than 1.5Ts of 0.91 s.
The design base shear for the sites was calculated as 𝑉 = 𝐶𝑠 𝑊, where W is the effective
seismic weight of the structure (equal to 5544 kips for the archetype building). The lateral
loads on each floor were distributed from the design base shear using the Equivalent
Lateral Force (ELF) Procedure.
3.2 Archetype Building Design
The archetype building was developed by Sen (2018) based on an NCBF
infrastructure survey and uses common brace configurations. The loading conditions,
building geometry, and materials of the archetype building from Sen (2018) are the same
for the present work. As is shown in Figure 2.23, the building has 3 stories with a
constant story height of 13 feet, 10 longitudinal bays of width of 22 feet, and 3 transverse
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bays of width of 30 feet. The OCBF buildings do not meet the height requirement in
ASCE/SEI 7-16 (ASCE 2017) by 4 feet, but it was deemed sufficiently close to the limit
and enables seismic performance comparison with the 3-story SCBFs from Sen (2018).
The archetype building design has paired single diagonal and chevron braces as the
building’s lateral force resisting system in the longitudinal and transverse directions,
respectively. The paired single diagonal CBFs are located along the exterior bays, while
the chevron CBFs are evenly spaced between interior columns. The CBF columns are
oriented for strong-axis bending in the plane of the CBFs.
3.2.1 Vertical Force-Resisting System Design
The vertical forces considered in the design of the building included dead loads,
live loads, snow loads, and vertical seismic load effects. The buildings were designed
using the Load and Resistance Factor Design (LRFD) philosophy as outlined in ASCE
(2017). Table 3.2 summarizes the archetype building gravity loads for both the Seattle
and Memphis buildings. The dead load included the weights of a 3 in. slab on 3 in. metal
deck, non-structural wall partitions, structural steel members, and superimposed
mechanical, architectural, and electrical loads. The total building effective seismic weight
is 5544 kips and only includes dead loads.
Table 3.2: Archetype Building Gravity Loads
Load Type

1st and 2nd Floors

Roof

Dead load (psf)

100

80

Live load (psf)

55

Snow load (psf)

-

20
Seattle: 14
Memphis: 7

58

The live loads included those for typical office, corridor, and roof spaces; live
load reductions were used as appropriate. The beam deflection limits for live loads of
L/360, and dead and live loads of L/240 were checked to ensure compliance per the
International Building Code (ICC 2015). Snow loads were also included in the load
combinations considered in design and were calculated based on local site conditions; the
snow load was 14 psf for the Seattle building and 7 psf for the Memphis building.
Vertical seismic load effects Ev were calculated as 0.2SDSD, where SDS is the design
spectral acceleration at short periods and D is the building dead load. Although the
buildings were designed with composite slabs, the beams were not designed for
composite action. The compressive axial force sustained by the beam was assumed to be
transmitted through the slab; hence, the steel beams were not designed as beam-columns.
The concrete slab was assumed to provide continuous lateral bracing for the beam, and
therefore lateral torsional buckling was neglected.
3.2.2 Lateral Force-Resisting System Design
The lateral forces considered in the design of the building included wind loads and
seismic loads. For both the Seattle and Memphis buildings, the earthquake loads
controlled the design of the lateral force resisting system. Table 3.3 summarizes the wind
forces for the archetype buildings. Table 3.4 shows the distribution of seismic base shear
to each floor using the ELF procedure for the archetype buildings.
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Table 3.3: Archetype Building Wind Forces (k)
Seattle
Story

Chevron brace
configuration

3
2
1

15.01
14.75
12.58

Paired single
diagonal brace
configuration
14.55
13.58
11.42

Memphis
Paired single
Chevron brace
diagonal brace
configuration
configuration
16.23
12.09
15.75
11.72
15.46
11.63

Table 3.4: Equivalent Lateral Force Procedure Results
Lateral seismic force,
Seismic design story
Brace required axial load,
Fx (k)
shear, Vx (k)
Pr (k)
Paired single diagonal brace configuration
835
835
81
3
(562)
(562)
(54)
696
1532
148
2
(468)
(1030)
(100)
348
1880
182
1
(234)
(1264)
(122)
Chevron brace configuration
833
833
110
3
(562)
(562)
(74)
694
1527
202
2
(468)
(1030)
(136)
347
1874
248
1
(234)
(1264)
(167)
Note: Seattle Building, (Memphis Building)
Story

For the design of the lateral force resisting system, all structural members had to
satisfy the moderately ductile requirements outlined in the Seismic Provisions Table D1.1
(AISC 2017a). All braces need to have global slenderness ratios less than 200. The widthto-thickness ratios and global slenderness ratios are provided for the SCBF and OCBF
brace sections in Tables 3.6 and 3.7, respectively. Brace fracture life is heavily influenced
by cross-sectional width-to-thickness ratios. For the SCBFs, λ/λhd in Table 3.6 is the
brace’s width-to-thickness ratio divided by the highly ductile limit for SCBFs. For the
OCBFs, λ/λmd in Table 3.7, the brace’s width-to-thickness ratio, λ, divided by the
moderately ductile limit, λmd. The moderately ductile limit for the OCBFs is shown in
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Eqs. 3.3 and 3.4 for OCBFs and SCBFs, respectively. Designing the braces for these
width-to-thickness requirements is expected to delay post-buckling local deformation
(brace cupping in HSS).

𝐸
29000 ksi
λ𝑚𝑑 = 0.76√
= 0.76√
= 16.1
𝑅𝑦 𝐹𝑦
(1.4)(46 ksi)
(3.3)

𝐸
29000 ksi
λℎ𝑑 = 0.65√
= 0.65√
= 13.8
𝑅𝑦 𝐹𝑦
(1.4)(46 ksi)

(3.4)

The strength of the chevron beams was calculated using the overstrength seismic
load effect. The chevron braces are assumed to provide no support of gravity loads. For
the chevron braces, the force of the brace in tension was the lesser of the load effect from
the overstrength seismic load, Ω𝑃𝑟 (where Ω is the overstrength factor of 2 and 𝑃𝑟 is the
brace required design load), and the expected brace capacity, RyFyAg. It should be noted
that the tensile force used in design was always the load effect from the overstrength
seismic load as it was less than the expected brace capacity. The force of the brace in
compression was 0.3Pn, where Pn is the brace’s nominal axial compressive strength. This
large unbalanced resultant force on the chevron beams shown in Figure 3.2 causes large
moments, and typically results in deeper and heavier-beam sections than similar beams in
the gravity system. For HSS braces in a chevron braced frame, the global slenderness
ratio is limited Eq. 3.5:
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𝐿𝑐
𝐸
29000 ksi
≤ (4√ = 4√
= 100)
𝑟
𝐹𝑦
46 ksi

(3.5)

Note that, to satisfy all design objectives, some of the λ/λmd ratios in Table 3.7 are
much lower than unity (e.g., 0.61 and 0.75). Some of the OCBF brace sections even met
highly ductile limits due to a limited selection of HSS structural shapes, different loads
for each building, and the requirement for the braces to meet a global slenderness ratio.
The following Seattle OCBF brace sections are highly ductile: HSS6x6x1/2 and
HSS7x7x1/2. The following Memphis OCBF brace sections are highly ductile:
HSS5x5x3/8 and HSS5-1/2x5-1/2x3/8.

Figure 3.2: Chevron beam unbalanced brace forces at midspan

3.2.3 Structural Member Sizes
Table 3.5 summarizes the material properties of the structural members in the
building. All braces are designed as ASTM 500 Gr. B steel members, and all beams and
columns are designed as ASTM A992 steel members. The final building design for the
OCBF building of the present work and the SCBF building from Sen (2018) are shown in
the following tables as follows:
o SCBF brace member sizes in Table 3.6;
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o OCBF brace member sizes in Table 3.7;
o OCBF and SCBF beam member sizes in Table 3.8; and
o OCBF and SCBF column member sizes in Table 3.9.

Table 3.5: Archetype Building Design Characteristics
Category
Braces

Beams and columns

Gusset plates

Clip double angles

Parameter
ASTM specification
Nominal yield stress, Fy
Expected yield stress, RyFy
ASTM specification
Nominal yield stress, Fy
Expected yield stress, RyFy
ASTM specification
Nominal yield stress, Fy
Expected yield stress, RyFy
ASTM specification
Nominal yield stress, Fy
Expected yield stress, RyFy

Value
A500 Gr. B
46.0 ksi
64.4 ksi
A992
50.0 ksi
55.0 ksi
A572 Gr. 50
50 ksi
55 ksi
A36
36 ksi
54 ksi

Table 3.6: Archetype SCBF Building Brace Design (Sen 2018)
Seattle SCBF
DCR
Story
Brace
with
λ/λhd
Lc/r
RyFya
Paired single diagonal brace configuration
3
HSS5x5x3/8
0.77
0.82
128
2
HSS5-1/2x5-1/2x3/8
0.63
0.93
116
1
HSS5-1/2x5-1/2x3/8
0.85
0.93
120
Chevron brace configuration
3
HSS4-1/2x4-1/2x5/16
0.58
0.91
102
2
HSS5x5x3/8
0.66
0.82
94
1
HSS5-1/2x5-1/2x3/8
0.67
0.93
90
Note: aDCRs calculated with the expected yield strength RyFy in calculation of
brace capacity

HSS5-1/2x51/2x5/16
HSS6x6x1/2
HSS7x7x1/2

Brace size

148
182

81
0.84
0.75

0.96

0.96

0.99

125

HSS5x5x3/8

54

0.78

0.88
0.88
0.99
0.79
0.88

0.53
0.85
0.81

0.70

λ/λmd

0.78
0.96

0.78

Memphis OCBF
Required
DCR
DCR
axial
with
with
strength
Fya
RyFyb
(k)

0.84
0.61
118
HSS6x6x3/8
100
0.78
0.70
0.75
100
HSS6x6x3/8
122
0.96
Chevron brace configuration
HSS5-1/2x5HSS5-1/2x53
110
0.85
0.79
0.99
97
74
0.58
1/2x5/16
1/2x5/16
HSS5-1/2x52
HSS6x6x1/2
202
0.88
0.79
0.61
91
136
0.91
1/2x3/8
1
HSS7x7x1/2
248
0.77
0.65
0.75
78
HSS6x6x3/8
167
0.91
Note: aDemand-to-capacity ratios (DCRs) determined with the nominal yield strength Fy in calculation of brace capacity
b
DCRs determined with the expected yield strength RyFy in calculation of brace capacity

2
1

3

Story

Seattle OCBF
Required
DCR
DCR
axial
with
with
λ/λmd LC/r
Brace size
strength
F ya
RyFyb
(k)
Paired single diagonal brace configuration

Table 3.7: Archetype OCBF Building Brace Design

89

98

97

116
116

141

LC/r

63
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Table 3.8: Archetype Building Beam Design
Section (DCRa)
b1
b2
b3
b4
Seattle SCBFb
3
W16x26
W16x57
W24x146 (0.7)
W21x55
2
W16x26
W16x57
W24x162 (0.5)
W21x55
1
W16x26
W16x57
W24x162 (0.6)
W21x55
Seattle OCBF
3
W16x26
W16x31
W24x94 (0.8)
W21x44
2
W16x26
W16x31
W24x131 (0.9)
W21x50
1
W16x31
W16x31
W24x162 (0.9)
W21x50
Memphis OCBF
3
W16x26
W16x31
W24x94 (0.8)
W21x44
2
W16x26
W16x31
W24x104 (0.8)
W21x50
1
W16x26
W16x31
W24x117 (0.9)
W21x50
a
DCRs of required moment to beam plastic moment capacity is shown in parentheses
for chevron beam “b3”
b
SCBF beam sizes from (Sen 2018)
Story

Table 3.9: Archetype Building Column Design
Column Location (DCRa)
Story

D-5, D-7 edge
column

D-6 middle
edge column

B-10 interior
braced column

B-9, B-11
interior
column

A-11
corner
column

Seattle SCBFb
3
W10x88 (0.2)
W10x68
W10x68 (0.2)
W10x39
W10x39
2
W10x88 (0.4)
W10x68
W10x68 (0.5)
W10x39
W10x39
1
W10x88 (0.7)
W10x68
W10x68 (0.8)
W10x39
W10x39
Seattle OCBF
3
W10x60 (0.20)
W10x39
W10x60 (0.22)
W10x39
W10x33
2
W10x60 (0.54)
W10x39
W10x60 (0.55)
W10x39
W10x33
1
W10x60 (0.94)
W10x39
W10x60 (0.93)
W10x39
W10x33
Memphis OCBF
3
W10x49 (0.19)
W10x39
W10x49 (0.26)
W10x39
W10x33
2
W10x49 (0.50)
W10x39
W10x49 (0.61)
W10x39
W10x33
1
W10x49 (0.86)
W10x39
W10x49 (0.98)
W10x39
W10x33
Note: The column locations at various gridlines are listed as examples of typical column sizes
a
DCR is shown in parentheses for edge columns and interior braced columns part of CBFs
that are designed for the brace compressive forces
b
SCBF beam sizes from (Sen 2018)

3.3 Connection Design
The connections in the OCBF buildings were designed to meet requirements
outlined in the Seismic Provisions AISC (2017a). The connections needed to be designed
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for the lateral load effect determined from the linear structural analysis multiplied by an
overstrength factor. An overstrength factor of 2 is used for connection design; as such,
the connections are not necessarily strong enough to develop the full strength of the
brace.
3.3.1 Uniform Force Method
The Uniform Force Method (UFM) was used to design the gusset-plate
connections in the braced-frames and determine the forces and moments acting on each
interface. Figure 3.3 shows a depiction of the distribution of forces on the gusset plate
using the UFM. It should be noted that V stands for vertical force, H for horizontal force,
c for column interface, b for beam interface, and P for the required brace axial force.
When there are moments at the gusset-plate interfaces, the centroid of the beam-to-gusset
connection 𝛼 and the centroid of the column-to-gusset connection 𝛽 may not satisfy the
following Eq. 3.6:
𝛼 − 𝛽 = 𝑒𝑏 𝑡𝑎𝑛𝜃 − 𝑒𝑐

(3.6)

In this equation, eb and ec are half the depths of the beam and column, and 𝜃 is the
angle between the brace and column neutral axes. The equations to calculate the vertical
and horizontal forces acting on the beam- and column- gusset interfaces are given below
in Eqs. 3.7-3.10:
𝑉𝑐 =

𝛽
𝑃
𝑟

(3.7)

𝐻𝑐 =

𝑒𝑐
𝑃
𝑟

(3.8)

𝑉𝑏 =

𝑒𝑏
𝑃
𝑟

(3.9)
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𝐻𝑏 =

𝛼
𝑃
𝑟

(3.10)

Figure 3.3: Uniform force method forces (Ebrahimi et al. 2019)

See Appendix A for an example calculation using the UFM design method.
3.3.2 Chevron Configuration Connection Design
Various typical connections were developed for similar locations in the bracedframe. Figure 3.4 shows an elevation plan labeling the location of each detail number on
the chevron brace configuration, where the connections on each side of the beam
midpoint are symmetric. The three different detail types with “C” used to represent the
chevron configuration brace are as follows:
o C1 corresponds to the midspan beam-to-brace connection;
o C2 corresponds to the corner brace connection at the second and third floors;
o C3 corresponds to the corner base connection of interior braced columns.
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Each detail type has different variations depending on the location in the building.
For example, detail C1.1 corresponds to the first-story brace midspan beam connection,
and C1.2 corresponds to the second-story brace midspan beam connection, etc.

Figure 3.4: Chevron brace configuration connection plan

To design these connections, the forces acting on each gusset-plate interface were
determined using the UFM. The limit states listed in Table 3.10 were evaluated in the
design process of the chevron midspan beam-to-brace connection C1. The limit states in
Table 3.11 and Table 3.12 were evaluated in the design of the corner brace connections at
the beam-column-brace intersection C2 and C3 (where applicable). Demand-to-capacity
ratios (DCRs) are shown in Table 3.10 and Table 3.11 for each limit state. These DCRs
are calculated for three different demands. The first demand stems from the overstrength
factor load used in the design of an OCBF; this DCR will always be less than one for it
was used to design the connection components. The other two demands considered in the
DCR ratios are not used for overstrength design of OCBF, but are instead used in the
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capacity design of SCBFs where the brace can develop its full strength in tension by
sizing the connections to be able to withstand a tensile force of RyFyAg and compressive
force of 1.14FcrAg and will be referred to as capacity-design DCRs. If the limit state is
affected by a tension or shear force, then a DCR is calculated with the expected tensile
brace force as the demand. If the limit state is a compressive limit state, the DCR is
calculated with the expected compressive brace strength as the demand. The DCR may be
above one for the DCRs computed using the capacity-based brace tensile and
compressive loads, as the connections are not designed to allow the brace to develop its
full strength in tension or compression. These DCRs helped to determine which limit
states to include in the nonlinear OpenSees model, as well as probable failure modes
when the building is subjected to strong ground motions that induce lateral loads
exceeding the design loads.
For welds in these connection configurations that need to resist shear forces and
tensile forces, stress considerations and interactions in the weld need to be accounted for
by designing the connection for a 25% force increase per Chapter 13-11 of the Steel
Construction Manual AISC (2017b). For example, the beam-to-gusset weld at the
midspan chevron beam connection will experience both tensile and shear forces per the
UFM procedure, so the 1.25 ductility factor was used to multiply the required wedel
design load. Conversely, the brace-to-gusset connection weld will only resist shear forces
parallel to the weld, so that fillet weld was designed without the 1.25 ductility factor.
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Table 3.10: C1 Midspan Chevron Beam Connection DCRs
DCR Range
Limit State
Seattle

Memphis

Brace-to-gusset connection
0.67-0.94
0.82-0.96
Brace block shear rupture
(1.74-2.45)
(1.13-2.65)
0.76-1.04
0.82-0.92
Shear rupture in HSS brace wall
(1.17-1.77)
(1.34-2.07)
0.73-0.92
0.65-0.95
HSS brace tensile rupture
(1.53-2.24)
(1.29-2.37)
0.76-0.86
0.74-0.90
Gusset-plate block shear rupture
(1.27-1.29)
(1.31-1.87)
Gusset-plate tensile yielding of Whitmore
0.72-0.80
0.71-0.85
section
(1.19-1.23)
(1.24-1.80)
0.76-0.83
0.78-0.89
Gusset-plate buckling of Whitmore section
[0.61-0.81]
[0.60-0.93]
0.94-0.98
0.86-0.91
Weld strength
(1.46-1.61)
(1.25-2.26)
Beam-to-gusset connection
0.40-0.61
0.38-0.55
Gusset-plate shear yielding along beam flange
(0.55-0.80)
(0.63-0.68)
Gusset-plate tensile yielding along beam
0.24-0.32
0.23-0.29
flange
(0.32-0.40)
(0.36-0.41)
0.01-0.07
0.02-0.06
Internal gusset-plate shear yielding
(0.02-0.10)
(0.02-0.07)
0.79-0.85
0.83-0.93
Gusset-plate buckling on Whitmore section
[0.64-0.83]
[0.63-0.99]
0.18-0.24
0.13-0.22
Beam web local yielding
(0.30-0.37)
(0.32-0.36)
0.28-0.31
0.21-0.32
Beam web local crippling
[0.45-0.48]
[0.18-0.21]
0.75-0.78
0.55-0.70
Weld strengtha
(1.00-1.09)
(0.80-1.04)
Note: DCR calculated with overstrength load as demand, (DCR calculated with
expected brace tensile strength RyFyAg as demand), [DCR calculated with expected
brace compressive strength 1.14FcrAg as demand]
a
1.25 weld ductility factor excluded from DCR
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Table 3.11: C2 and C3 Corner Brace Connection DCRs (part 1)
DCR Range
Limit State
Seattle

Memphis

Brace-to-gusset connection
0.89-0.98
0.79-0.96
Brace block shear rupture
(1.68-2.45)
(1.25-2.65)
0.76-1.04
0.82-0.83
Shear rupture in HSS brace wall
(1.17-1.77)
(1.35-2.07)
0.77-0.94
0.88-0.94
HSS brace tensile rupture
(1.26-2.24)
(1.69-2.37)
0.76-0.82
0.74-0.81
Gusset-plate block shear rupture
(1.27-1.29)
(1.32-1.87)
Gusset-plate tensile yielding of Whitmore
0.72-0.77
0.71-0.76
section
(1.19-1.23)
(1.24-1.80)
0.83-0.84
0.78-0.88
Gusset-plate buckling of Whitmore section
[0.67-0.68]
[0.66-0.93]
0.92-0.94
0.89-0.91
Weld strength
(1.46-1.61)
(1.47-2.26)
Column-to-gusset connection
0.26-0.31
0.24-0.30
Gusset-plate shear yielding
(0.43-0.51)
(0.47-0.60)
Gusset-plate block shear rupture controlling
0.23-0.29
0.21-0.27
case
(0.32-0.44)
(0.37-0.52)
0.17-0.21
0.16-0.20
Combined gusset-plate block shear rupture
(0.22-0.33)
(0.31-0.41)
0.24-0.42
0.16-0.29
Angle OSL block shear rupture
(0.42-0.68)
(0.38-0.52)
0.26-0.46
0.17-0.32
Angle shear yielding
(0.32-0.51)
(0.30-0.44)
0.32-0.58
0.22-0.39
Angle shear rupture
(0.50-0.78)
(0.49-0.66)
0.19-0.29
0.17-0.20
Combined bolt group shear strength
(0.27-0.54)
(0.33-0.42)
0.13-0.23
0.11-0.20
Column web yielding
(0.19-0.36)
(0.30-0.33)
0.09-0.14
0.09-0.16
Column web crippling
[0.40-0.64]
[0.61-0.67]
0.31-0.57
0.26-0.48
Column web shear
(0.46-0.83)
(0.70-0.8)
0.72-0.81
0.72-0.79
Weld strengtha
(1.2-1.22)
(1.2-2.0)
Note: DCR calculated with overstrength load as demand, (DCR calculated with
expected brace tensile strength RyFyAg as demand), [DCR calculated with expected
brace compressive strength 1.14FcrAg as demand]
a
1.25 weld ductility factor excluded from DCR
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Table 3.12: C2 and C3 Corner Brace Connection DCRs (part 2)
DCR Range
Limit State
Seattle

Memphis

Beam-to-gusset connection
0.35-0.39
0.31-0.39
Gusset-plate axial/flexure interaction
(0.55-0.58)
(0.52-0.56)
0.50-0.63
0.43-0.60
Gusset-plate axial/flexure/shear interaction
(0.55-0.74)
(0.59-0.72)
0.38-0.50
0.34-0.45
Gusset-plate shear yielding
(0.70-0.77)
(0.71-0.94)
0.11-0.12
0.09-0.13
Beam web local yielding
(0.23-0.25)
(0.19-0.22)
0.04-0.05
0.05-0.06
Beam web local crippling
[0.23-0.30]
[0.30-0.32]
0.09-0.12
0.08-0.12
Beam flange block shear strength
(0.19-0.20)
(0.20-0.23)
0.25-0.34
0.20-0.32
Beam web yield strength
(0.40-0.53)
(0.49-0.53)
0.71-0.73
0.65-0.74
Weld strengtha
(1.10-1.30)
(1.10-1.90)
Beam-to-column connection
0.43-0.57
0.38-0.51
Supported beam web shear yielding
(0.50-0.68)
(0.60-0.64)
0.85-0.98
0.75-0.95
Angle gross shear yielding
(1.05-1.10)
(0.8-1.10)
0.59-0.65
0.53-0.62
Angle net-section rupture
(0.70-0.92)
(0.70-0.72)
0.79-1.04
0.71-0.83
Bolt group strength
(1.10-1.38)
(1.11-1.22)
0.59-0.65
0.53-0.63
Outstanding angle leg block shear
(0.80-0.86)
(0.85-0.90)
0.36-0.42
0.37-0.41
Supported beam web block shear yielding
(0.50-0.55)
(0.57-0.63)
0.53-0.57
0.55-0.59
Weld strengtha
(0.77-0.81)
(0.88-1.10)
Note: DCR calculated with overstrength load as demand, (DCR calculated with
expected brace tension RyFyAg as demand), [DCR calculated with expected
brace compressive strength 1.14FcrAg as demand]
a
1.25 weld ductility factor excluded from DCR

The DCRs provide insights on connection deficiencies and probable failure
mechanisms. For the slotted brace-to-gusset connection with four longitudinal fillet
welds, the brace-to-gusset weld commonly has capacity-based DCRs above one and
therefore weld fracture is expected to preclude brace yielding. In addition, the limit state
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of brace net-section rupture controlled in many of the connection designs, which required
the addition of net-section reinforcement plates to develop the overstrength seismic loads.
The beam-to-gusset and column-to-gusset weld strengths are also vulnerable to gussetplate interface weld fracture due to out-of-plane brace buckling, and those capacity-based
DCRs. In addition, gusset-plate tensile yielding along the Whitmore section has capacitybased limit states commonly above one as well, but this is a ductile yielding mechanism.
Connection drawings for C1, C2, and C3 are shown as follows:
o Figure 3.5, and Tables 3.13 and 3.14 show the C1 connection design;
o Figure 3.6, and Tables 3.15, 3.16, and 3.17 show the C2 connection design;
o Figure 3.7, and Tables 3.18 and 3.19 show the C3 connection design.
Each connection detail is then followed by a table summarizing the different
variations for each connection at distinct locations in the building. Each connection detail
number includes a prefix indicating the site location, where “SEA” corresponds to the
Seattle building and “MEM” corresponds to the Memphis building. The detailing
parameters were consistent throughout the building. The brace-end was offset 2 in. from
the nearest column or beam flange to facilitate erection. Note that this generally results in
insufficient rotational clearance to accommodate out-of-plane buckling; such clearance
would be required for similarly configured SCBF connections. A 1 in. minimum end
clearance is provided on each outstanding end of the slotted brace-to-gusset connection.
It should also be noted that the beam-to-column connections not adjacent to gusset plates
were designed as composite bolted shear plates and are the same as Sen (2018). For all
OCBF brace connections, gusset plates use A572 Gr.50 steel and clip double angles use
A36 steel.

Figure 3.5: C1 midspan chevron beam connection detail
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Table 3.13: C1 Midspan Chevron Beam Connection Detail Table (part 1)
Brace information

Brace reinforcement plates

Brace

Axial
force
(k)

Weld
size
“W1”
(in.)

Weld
length
“L1”
(in.)

Width
“Wr”
(in.)

Thickness
“Tr” (in.)

Weld
size
“W3”
(in.)

Weld
length
“L3”
(in.)

SEAC1.1

HSS7x7x1/2

495.92

7/16

13

3

0.5

5/16

13

SEAC1.2

HSS6x6x1/2

404.08

7/16

11

3

0.375

5/16

11

SEAC1.3

HSS51/2x51/2x5/16

220.40

3/8

7

2.5

0.375

1/4

7

MEMC1.1

HSS6x6x3/8

334.60

3/8

11

2.75

0.375

1/4

11

MEMC1.2

HSS51/2x51/2x3/8

272.60

3/8

9

2.5

0.375

5/16

9

MEMC1.3

HSS51/2x51/2x5/16

148.60

5/16

6

-

-

-

-

Detail
no.

Table 3.14: C1 Midspan Chevron Beam Connection Detail Table (part 2)
Beam-to-gusset connection
Detail
no.

SEAC1.1
SEAC1.2
SEAC1.3
MEM
-C1.1

Beam Size

Plate
thickness “T”
(Whitmore
width) (in.)

Vertical
“V”
(in.)

Horizontal
“H” (in.)

Cut
length
“A”
(in.)

Weld
size
“W2”
(in.)

Elliptical
clearance
(in.)

W24x162

3/4
(22.01)

17

65

53

3/8

1.07tp

15

61

51

5/16

2.06tp

13

56

46

1/4

3.08tp

15

61

51

5/16

2.05tp

W24x131
W24x94
W24x117

5/8
(18.70)
1/2
(13.58)
5/8
(18.70)

MEM
-C1.2

W24x104

1/2
(15.89)

14

57

46

1/4

2.78tp

MEM
-C1.3

W24x94

3/8
(12.43)

13

53

43

3/16

4.43tp
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Figure 3.6: C2 corner brace connection detail
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Table 3.15: C2 Corner Brace Connection Detail Table (part 1)
Beam-to-column connection
Detail
no.

Beam
size

Column
size

End
reaction
(k)

SEAC2.1

W24x1
62

W10x60

125.15

SEAC2.2

W24x1
31

W10x60

94.97

MEM
-C2.1

W24x1
17

W10x49

83.65

MEM
-C2.2

W24x1
04

W10x49

72.97

Clip
angle

Brace-to-gusset connection
Bolt
rows
“A”

Weld
size
“W1”
(in.)

Brace
size

Axial
force
(k)

Weld
size
“W2”
(in.)

Weld
length
“L2”
(in.)

6

5/16

HSS6x6x
1/2

40

7/16

11

5

5/16

220

3/8

7

5

5/16

272

3/8

9

4

5/16

148

5/16

6

L4x4x3/4
(18 in.
length)
L4x4x5/8
(15 in.
length)
L4x4x5/8
(15 in.
length)
L4x4x5/8
(12 in.
length)

HSS51/2x51/2x5/16
HSS51/2x51/2x3/8
HSS51/2x51/2x5/16

Table 3.16: C2 Corner Brace Connection Detail Table (part 2)
Column-to-gusset
connection
Detail no.

SEAC2.1
SEAC2.2
MEMC2.1
MEMC2.2

Clip
angle

L4x4x5/8
(9 in.
length)
L4x4x5/8
(9 in.
length)
L4x4x5/8
(9 in.
length)
L4x4x5/8
(9 in.
length)

Beam-to-gusset connection

Bolt
rows
“C”

Weld
size
“W3”
(in.)

Plate
thickness
“T”
(Whitmore
width)
(in.)

Vertical
“V”
(in.)

Horizontal
“H” (in.)

Weld
size
“W4”
(in.)

Elliptical
clearance
(in.)

3

7/16

5/8
(18.70)

15

25

5/16

0.94tp

3

5/16

1/2
(13.58)

12

22

3/16

2.22tp

3

3/8

1/2
(15.89)

13

23

1/4

1.92tp

3

5/16

3/8
(12.43)

11

21

3/16

3.57tp
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Table 3.17: C2 Corner Brace Connection Detail Table (part 3)
Detail No.
SEA-C2.1
SEA-C2.2
MEM-C2.1
MEM-C2.2

Width “Wr”
(in.)
3
2.5
2.5
-

Brace reinforcement plates
Thickness
Weld “W5”
“Tr” (in.)
(in.)
0.375
1/4
0.375
1/4
0.375
1/4
-

Figure 3.7: C3 column base connection detail

Length “L5”
(in.)
13
10
19
-
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Table 3.18: C3 Column Base Connection Detail Table (part 1)
Brace-to-gusset connection

Gusset plate

Plate
Weld Weld
thickness
Detail
Force
Vertical
size
length
“T”
no.
Size
“P”
“V”
“W1” “L1” (Whitmore
(k)
(in.)
(in.)
(in.)
width)
(in.)
SEA3/4
HSS7x7x1/2 495.92 7/16
13
20
C3.1
(22.01)
MEM5/8
HSS6x6x3/8 334.60
3/8
11
18
C3.1
(18.70)
aNo elliptical clearance at column base connection; see Section 4.1.2

Horizontal
“H” (in.)

Weld
size
“W2”
(in.)

Weld
size
“W3”
(in.)

Lc
(in.)

19

1/2

1/2

0a

17

5/16

3/8

0.75tp

Table 3.19: C3 Column Base Connection Detail Table (part 2)
Detail no.
SEA-C3.1
MEM-C3.1

Width “Wr”
(in.)
3.5
3

Brace reinforcement plates
Thickness “Tr”
Weld
(in.)
“W4” (in.)
0.5
5/16
0.375
1/4

Length “L4”
(in.)
15
15

3.3.3 Paired Single Diagonal Connection Design
Figure 3.8 shows an elevation plan which summarizes the location of each detail
number on the paired single diagonal braced frame. The four different detail types are the
following:
o D1 corresponds to corner brace connections on the middle column on the second
and third floors;
o D2 corresponds to the corner brace connection on the end columns on the second
and third floors;
o D3 corresponds to the corner base connection at the base of the columns; and,
o D4 corresponds to the corner brace connection at the top of the column;
“D” is representative of the “Paired Single Diagonal” brace configuration. Each detail
type has different variations depending on the location in the building. For example,
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detail D1.1 corresponds to the second-story corner brace connection, and D1.2
corresponds to the second-story corner brace connection, etc.

Figure 3.8: Paired single diagonal brace configuration connection plan

The limit states listed in Tables 3.20 and 3.21 were evaluated in the design
process of the corner brace connection details D1, D2, D3 (where applicable), and D4.
DCRs for each limit state are also provided with varying demands of the overstrength
factor force, capacity-based expected tensile brace force, and capacity-based expected
compressive brace force. Similar to the chevron configuration, welds that need to resist
both shear forces and tension forces were designed for a 25% increase in force as
outlined in chapter 13-11 of AISC (2017a).
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Table 3.20: D1, D2, D3, and D4 Corner Brace Connection DCRs (part 1)
DCR Range
Limit State
Seattle

Memphis

Brace-to-gusset connection
0.69-0.94
0.67-0.95
Brace block shear rupture
(1.56-2.45)
(1.28-2.38)
0.68-0.75
0.50-0.75
Shear rupture in HSS brace wall
(1.44-1.77)
(1.49-1.82)
0.83-0.96
0.62-0.98
HSS brace tensile rupture
(1.60-2.13)
(1.33-2.28)
0.74-0.85
0.56-0.81
Gusset-plate block shear rupture
(1.15-1.80)
(1.40-2.07)
Gusset-plate tensile yielding of Whitmore
0.70-0.80
0.54-0.78
section
(1.43-1.70)
(1.32-1.98)
0.77-0.88
0.67-0.89
Gusset-plate buckling of Whitmore section
[0.58-0.69]
[0.49-1.17]
0.83-0.99
0.81-0.98
Weld strength
(1.92-2.09)
(1.95-2.98)
Column-to-gusset connection
0.24-0.32
0.16-0.28
Gusset-plate shear yielding
(0.66-0.74)
(0.50-0.60)
Gusset-plate block shear rupture controlling
0.21-0.30
0.14-0.27
case
(0.48-0.64)
(0.50-0.60)
0.18-0.22
0.12-0.18
Combined gusset-plate block shear rupture
(0.41-0.47)
(0.36-0.45)
0.22-0.34
0.15-0.27
Angle OSL block shear rupture
(0.51-0.70)
(0.45-0.66)
0.28-0.35
0.19-0.34
Angle shear yielding
(0.43-0.59)
(0.37-0.56)
0.35-0.44
0.23-0.42
Angle shear rupture
(0.45-0.79)
(0.47-0.70)
0.33-0.46
0.21-0.52
Combined bolt group shear strength
(0.70-0.95)
(0.55-0.76)
0.16-0.18
0.12-0.21
Column web yielding
(0.33-0.48)
(0.37-0.52)
0.08-0.12
0.08-0.15
Column web crippling
[0.26-0.65]
[0.32-0.75]
0.26-0.48
0.22-0.44
Column web shear
(0.62-0.98)
(0.80-0.99)
0.69-0.77
0.64-0.78
Weld strengtha
(1.46-1.79)
(1.58-2.34)
Note: DCR calculated with overstrength load as demand, (DCR calculated with
expected brace tensile strength RyFyAg as demand), [DCR calculated with
expected brace compressive strength 1.14FcrAg as demand]
a
1.25 weld ductility factor excluded from DCR
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Table 3.21: D1, D2, D3, and D4 Corner Brace Connection DCRs (part 2)
DCR Range
Limit State
Seattle

Memphis

Beam-to-gusset connection
0.20-0.24
0.15-0.20
Gusset-plate axial/flexure interaction
(0.39-0.42)
(0.31-0.39)
0.35-0.48
0.23-0.40
Gusset-plate axial/flexure/shear Interaction
(0.60-0.62)
(0.48-0.55)
0.39-0.49
0.28-0.45
Gusset-plate shear yielding
(0.91-1.05)
(0.82-1.09)
0.10-0.20
0.07-0.14
Beam web local yielding
(0.23-0.26)
(0.13-0.19)
0.07-0.16
0.06-0.10
Beam web local crippling
[0.53-1.29]
[0.45-1.21]
0.20-0.32
0.14-0.28
Beam flange block shear strength
(0.46-0.66)
(0.52-0.59)
0.29-0.40
0.21-0.35
Beam web yield strength
(0.68-0.82)
(0.70-0.82)
0.61-0.70
0.52-0.67
Weld strengtha
(1.29-1.73)
(1.34-1.92)
Beam-to-column connection
0.61-0.95
0.47-0.81
Supported beam web shear yielding
(2.08-3.95)
(2.21-2.81)
0.79-0.93
0.83-0.98
Angle gross shear yielding
(0.99-1.17)
(0.62-0.80-)
0.34-0.39
0.37-0.46
Angle net-section rupture
(0.56-0.97)
(0.52-0.66)
0.49-0.64
0.49-0.61
Bolt group strength
(0.97-1.16)
(0.85-1.53)
0.29-0.39
0.37-0.46
Outstanding angle leg block shear
(0.52-0.73)
(0.65-1.11)
0.49-0.59
0.49-0.60
Supported beam web block shear yielding
(0.95-1.06)
(0.89-1.32)
0.69-0.79
0.71-0.77
Weld strengtha
(1.43-1.60)
(1.49-2.43)
Note: DCR calculated with overstrength load as demand, (DCR calculated with
expected brace tensile strength RyFyAg as demand), [DCR calculated with expected
brace compressive strength 1.14FcrAg as demand]
a
1.25 weld ductility factor excluded from DCR

The possible paired single diagonal brace configuration connection deficiencies
and probable failure mechanisms determined from the DCRs are similar to that of the
chevron brace configuration. The brace-to-gusset weld capacity-based DCRs are above
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unity and therefore weld fracture is expected to preclude brace yielding in tension. Netsection reinforcement plates were added to details D2 and D3 to increase the strength for
net-section rupture. Moreover, the beam-to-gusset and column-to-gusset weld strengths
are also vulnerable to gusset-plate interface weld fracture. Gusset-plate tensile yielding
along the Whitmore section commonly has capacity-based limit states above one as well.
The connection drawings for the paired single diagonal braced frame are as follows:
o

Figure 3.9, and Tables 3.22 and 3.23 show the D1 connection design;

o Figure 3.10, and Tables 3.24, 3.25, and 3.26 show the D2 connection design;
o Figure 3.11, and Tables 3.27 and 3.28 show the D3 connection design; and,
o Figure 3.12, and Tables 3.29 and 3.30 show the D4 connection design.

Figure 3.9: D1 middle column corner brace connection detail
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Table 3.22: D1 Middle Column Corner Brace Connection Detail Table (part 1)
Beam-to-column connection
Detail
no.

Beam
size

End
reaction
(k)

SEAD1.1

W16x31

22.88

SEAD1.2

W16x26

22.88

MEMD1.1

W16x26

22.88

MEMD1.2

W16X26

22.88

Clip
angle
4x4x3/4
(12 in.
length)
4x4x5/8
(9 in.
length)
4x4x5/8
(9 in.
length)
4X4X5/8
(6 in.
length)

Brace-to-gusset connection

Brace size

Axial
force
(k)

Weld
size
“W2”
(in.)

Weld
length
“L2”
(in.)

5/16

HSS6x6x1/2

296.52

3/8

9

3

5/16

HSS5-1/2x51/2x5/16

161.74

5/16

7

3

5/16

HSS6X6X3/8

199.40

5/16

8

2

5/16

HSS5x5x3/8

108.80

1/4

6

Bolt
rows
“A”

Weld
“W1”
(in.)

4

Table 3.23: D1 Middle Column Corner Brace Connection Detail Table (part 2)
Column-to-gusset
connection
Detail
no.

SEAD1.1
SEAD1.2
MEMD1.1
MEMD1.2

Clip
angle
4x4x5/8
(9 in.
length)
4x4x5/8
(6 in.
length)
4x4x5/8
(6 in.
length)
4x4x5/8
(6 in.
length)

Beam-to-gusset connection

Bolt
rows
“C”

Weld
“W3”
(in.)

Plate
thickness
“T”
(Whitmore
width) (in.)

Vertical
“V”
(in.)

Horizontal
“H” (in.)

Weld
“W4”
(in.)

Elliptical
clearance
(in.)

3

3/8

1/2
(16.39)

13

27

1/4

2.26tp

2

5/16

3/8
(13.58)

12

25

3/16

4.05tp

2

3/8

3/8
(15.24)

13

26

3/16

3.33tp

2

1/4

3/8
(11.93)

11

23

3/16

4.85tp
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Figure 3.10: D2 edge column corner brace connection detail

Table 3.24: D2 Edge Column Corner Brace Connection Detail Table (part 1)
Beam-to-column connection
Detail
no.

Beam
size

Column
size

SEAD2.1

W16x31

W10x60

SEAD2.2

W16x26

W10x60

MEMD2.1

W16x26

W10x49

MEMD2.2

W16x26

W10x49

Clip
angle
L5x5x7/8
(12 in.
length)
L4x4x3/4
(12 in.
length)
L4x4x5/8
(12 in.
length)
L4x4x5/8
(9 in.
length)

Brace-to-gusset connection

Bolt
rows
“A”

Weld
“W1”
(in.)

Brace
size

Axial
force
(k)

Weld
size
“W2”
(in.)

Weld
length
“L2”
(in.)

4

5/16

HSS7x7
x1/2

363

7/16

10

4

5/16

HSS6x6
x1/2

296

3/8

9

4

5/16

HSS6x6
x3/8

244

5/16

9

3

5/16

HSS6x6
x3/8

199

5/16

8
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Table 3.25: D2 Edge Column Corner Brace Connection Detail Table (part 2)
Column-to-gusset connection
Detail
no.

SEAD2.1
SEAD2.2
MEMD2.1
MEMD2.2

Clip angle

L4x4x5/8
(12 in.
length)
L4x4x5/8 (9
in. length)
L4x4x3/4 (9
in. length)
L4x4x5/8 (6
in. length)

Beam-to-gusset connection

Bolt
rows
“C”

Weld
“W3”
(in.)

Plate
thickness
“T”
(Whitmore
width) (in.)

4

3/8

5/8
(18.55)

3

3/8

3

5/16

2

3/8

1/2
(16.39)
1/2
(16.39)
3/8
(15.24)

Vertical
“V” (in.)

Horizontal
“H” (in.)

Weld
“W4”
(in.)

Lc
(in.)

15

29

1/4

1.54t

13

27

1/4

2.26t

13

27

3/16

2.24t

12

26

3/16

3.33t

Table 3.26: D2 Edge Column Corner Brace Connection Detail Table (part 3)
Detail No.
SEA-D2.1
SEA-D2.2
MEM-D2.1
MEM-D2.2

Width “Wr”
(in.)
3
2.5
2.5
-

Brace reinforcement plates
Thickness “Tr”
Weld “W5”
(in.)
(in.)
0.375
1/4
0.375
1/4
0.375
1/4
-

Length “L5”
(in.)
10
9
9
-
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Figure 3.11: D3 column base connection detail

Table 3.27: D3 Column Base Connection Detail Table (part 1)
Brace-to-gusset connection
Plate
Weld
Weld
Detail
Force
thickness
size
length
Vertical
no.
Size
“P”
“T”
“W1”
“L1”
“V” (in.)
(k)
(Whitmore
(in.)
(in.)
width) (in.)
SEAHSS7
5/8
363.92
7/16
10
15
D3.1
x7x1/2
(18.55)
MEM- HSS6
1/2
244.80
5/16
9
13
D3.1
x6x3/8
(16.39)
aNo elliptical clearance at column base connection; see Section 4.1.2

Gusset plate
Horizontal
“H” (in.)

Weld
size
“W2”
(in.)

Weld
size
“W3”
(in.)

Lc
(in.)

19

3/8

3/8

0a

16

5/16

5/16

0a
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Table 3.28: D3 Column Base Connection Detail Table (part 2)

Detail no.
SEA-D3.1
MEM-D3.1

Width
“Wr”
(in.)
3
2.5

Brace reinforcement plates
Weld
Thickness “Tr”
Length “L4”
“W4"
(in.)
(in.)
(in.)
0.375
1/4
10
0.375
1/4
9

Figure 3.12: D4 column cap connection detail

88

Table 3.29: D4 Column Cap Connection Detail Table (part 1)
Beam-to-column connection
Detail
no.

Beam
size

Column
size

End
reaction
(k)

Clip
angle

Brace-to-gusset connection
Weld
“W1”
(in.)

Brace
size

Axial
(k)

Weld
size
“W2”
(in.)

Weld
size
“L2”
(in.)

3

5/16

HSS51/2x51/2x5/1
6

161

5/16

7

3

1/4

HSS5x5
x3/8

108

1/4

6

Bolt
rows
“A”

SEAD4.1

W16x26

W10x60

14.10

4x4x5/8
(9 in.
length)

MEMD4.1

W16x26

W10x49

14.10

4x4x5/8
(6 in.
length)

Table 3.30: D4 Column Cap Connection Detail Table (part 2)
Column-to-gusset
connection
Detail no.

SEA-D4.1

MEM-D4.1

Clip
angle
4x4x5/8
(6 in.
length)
4x4x5/8
(6 in.
length)

Bolt
rows
“C”

Weld
“W3”
(in.)

Beam-to-gusset connection
Plate
thickness
“T”
(Whitmore
width) (in.)

Vertical
“V” (in.)

Horizontal
“H” (in.)

Weld
“W4”
(in.)

2

5/16

3/8
(13.58)

11

24

3/16

2

1/4

3/8
(11.93)

11

23

3/16

3.4 OCBF Elastic Analyses
Following the initial design of the buildings, elastic analyses were conducted on
the study model region per Figure 2.23 to determine compliance with maximum storydrift limits of Section 12.12 in ASCE/SEI 7-16 (2017). For each building, the braced
frames along the building’s longitudinal direction and transverse direction were analyzed
independently; the chevron braces along the transverse direction of each building resist
the lateral seismic forces applied in the north-south direction, and the paired single
diagonal braces along the longitudinal direction resist the lateral seismic forces applied in
the east-west direction. Note that this is adequate because the building is symmetric in
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each direction and no columns are shared between braced frames in each direction. Eq.
3.12 is used to determinate the story drift. The deflection amplification factor Cd is equal
to 3.25 for OCBFs.

𝛿𝑥 =

𝐶𝑑 𝛿𝑥𝑒
𝐼𝑒

(3.12)

As noted previously, the buildings are classified as Risk Category II and have Ie
of one. Variable 𝛿𝑥𝑒 is the deflection at a particular point determined from an elastic
analysis. This analysis was performed for each building (Seattle and Memphis) and for
each building direction (transverse or longitudinal) using OpenSees (McKenna et al.
2010). The OpenSees model utilized beam-column elements spanning between work
points. Vertical loads were distributed on the beams, and lateral seismic forces computed
using the ELF method (shown in Table 3.4) were applied on each floor. An equal-degreeof-freedom constraint was imposed at nodes on each floor to simulate a rigid diaphragm.
The columns and beams in the model were elasticBeamColumn elements oriented for
strong-axis bending. Braces were modeled with truss elements using an elastic uniaxial
material. A P-∆ leaning column was added to the model to simulate frame action outside
of the brace model region, and gravity loads were applied to the leaning column to
represent vertical loads tributary to the braced frame. The column bases were assumed to
be pinned. The P-∆ geometric transformations were used for the beams and the columns
used corotational geometric transformations.
The naming convention used in the present work for analyses is shown in Table
3.31. Thus, a model with the name O-SEA-D refers to the OCBF at the Seattle site with a
paired single diagonal configuration. In addition, 1F refers to the first story, 2F refers to
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the second story, and 3F refers to the third story. The resulting story drifts from the
analyses are shown in Table 3.32. The maximum allowable story drift from ASCE/SEI 716 (2017) is 3.12 in., or 2% inter-story drift. All the story-drift percentages satisfied this
drift limit.
Table 3.31: Analyses Model Abbreviations
Abbreviation

Meaning

O-SEA-C

OCBF Seattle chevron brace configuration

O-SEA-D

OCBF Seattle diagonal brace configuration

O-MEM-C

OCBF Memphis chevron brace configuration

O-MEM-D

OCBF Memphis diagonal brace configuration

S-SEA-C

SCBF Seattle chevron brace configuration

S-SEA-D

SCBF Seattle diagonal brace configuration

Table 3.32: OCBF Linear Elastic Models Story Drift
Model
O-SEA-C
O-SEA-D
O-MEM-C
O-MEM-D

Relative Inter-Story Drift (%)
3F Drift
2F Drift
0.59
0.63
0.67
0.76
0.42
0.56
0.46
0.63

1F Drift
0.53
0.48
0.54
0.48

3.5 Eigenvector Analysis
Eigenvector analyses were conducted to determine the dynamic properties of each
braced frame, such as the natural periods and mode shapes. The natural periods of the
buildings are shown in Table 3.33. The mode shapes of the buildings are shown in Figure
3.13 and Figure 3.14.
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Table 3.33: Building Natural Periods
Chevron brace configuration
Parameter
Period T1 (s)
Period T2 (s)
Period T3 (s)

Paired single diagonal brace
configuration

S-SEA-C

O-SEA-C

O-MEM-C

S-SEA-D

O-SEA-D

O-MEM-D

0.45
0.17
0.11

0.37
0.15
0.10

0.44
0.17
0.11

0.43
0.15
0.10

0.41
0.15
0.09

0.45
0.16
0.10

Mode 1

Mode 2

Mode 3

(a) O-SEA-C

(b) O-MEM-C

(c) S-SEA-C

Figure 3.13: Chevron configuration braced-frame mode shapes
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Mode 1

Mode 2

Mode 3

(a) O-SEA-D

(b) O-MEM-D

(c) S-SEA-D

Figure 3.14: Paired single diagonal configuration braced-frame mode shapes
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CHAPTER 4 CONCENTRICALLY BRACED FRAME NONLINEAR
ANALYSIS MODELING APPROACH
This chapter will discuss the nonlinear modeling approach for OCBFs in
OpenSees and expand on the method developed by Sen (2018) described in Chapter 2.
This includes nonlinear approaches for buildings, braces, brace connections, and gravity
systems accompanied by performance state evaluation criteria. This chapter will also
discuss nonlinear static analyses performed both with and without connection weld
fracture limit states to verify the modeling approach. Finally, the process for selecting the
input ground-motion suites and scale factors for the Seattle and Memphis sites will be
discussed.
4.1 OpenSees Modeling
Each building was modeled using the OpenSees (McKenna et al. 2010) nonlinear
CBF modeling approach by Sen (2019); the method was originally developed for NCBFs
but is extended for use in the present work to model OCBFs as they have similar potential
connection fractures. The models utilize the MaxStrainRange (MSR) failure criterion
developed by Hsiao et al. (2012, 2013). The chevron braces and paired single diagonal
braces were analyzed as separate planar frames because the building is symmetric in each
direction and no columns are shared between braced frames in each direction. The circled
model regions indicated in Figure 2.23 were modeled instead of the entire building
geometry to reduce computational expenses. The shaded regions in this building plan
delineate the tributary area for each braced-frame region; the tributary vertical loads,
strength, and stiffness from this area were included in the model and will be discussed in
Section 4.1.4. All buildings were modeled with a damping ratio of 2%, which is typical
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for steel structures. All structural members in the nonlinear model had material properties
based on the expected yield stress, RyFy, of the structural member’s grade of steel based
on the Seismic Provisions (AISC 2017a).
4.1.1

Brace Modeling Approach
The braces in the OpenSees analysis are modeled with distributed-plasticity,

displacement-based elements (DBEs) with fiber sections and an initial sinusoidal
imperfection of L/500 to facilitate buckling. The braces have 16 DBEs and 4 integration
points per element. Rigid offset elements are added along the beam, column, and brace
neutral axes lines to simulate the connection geometry. The rigid offset is equal to 75% of
the length of the beam-to-gusset interface to simulate stiffening provided by the gusset
plate. A rigid element is also added to span the length from the work point to brace-end,
and the column-to-gusset connection consistent with Figure 2.20. For all the dynamic
analyses performed in the present work, the element type, element discretization, fiber
discretization, and steel constitutive model parameters are kept consistent.
Complete brace fracture of the cross section corresponds to total loss of brace
axial resistance; this is the expected primary failure mode for SCBFs but not necessarily
for OCBFs. Brace fracture in tension is usually initiated after local deformation of the
cross-section (local cupping in HSS braces) at the plastic hinge location in compression.
This local deformation forms because the brace cross-sectional geometry cannot
accommodate the large curvature demands that arise after brace buckling. Braces with
lower width-to-thickness ratios can help to increase fracture life; OCBFs must meet the
moderately ductile width-to-thickness requirements and SCBFs must meet the highly
ductile width-to-thickness requirements of the Seismic Provisions (AISC 2017a). The

95

MSR fracture criterion developed by Hsiao et al. (2012, 2013) and improved by Sen
(2019) are used in the present work to simulate brace fracture. Eq. 4.1 predicts the MSR
fracture criterion for displacement-based elements and was calibrated from an expanded
data set from Sen (2018).
𝑏 −0.75 𝐿𝑐 −0.47 𝐸
𝑀𝑆𝑅𝑓,𝑑𝑖𝑠𝑝 = 0.554 ( )
( )
( )
𝑡
𝑟
𝐹𝑦

0.21

0.068

(

𝛿𝑐,𝑚𝑎𝑥
)
𝛿𝑡,𝑚𝑎𝑥

(4.1)

The last factor in Eq. 4.1 includes a ratio of maximum brace compressive
deformation to maximum brace tensile deformation and is tracked with the
MaxStrainRange wrapper to account for load direction bias. The effect of load-direction
and load history effects are included in the brace fracture model with a maximum strain
range. The improvements to the MSR-based fracture criteria by Sen (2018) include using
DBEs instead of FBEs to better accommodate large, sudden changes in material stiffness
and strength following brace buckling and fracture which may lead to numerical
instability at the element level. The global deformation for two brace nodes is tracked and
elements are removed from the analysis when a certain maximum strain range is reached.
If more fibers attain the limiting MSR, their progressive fracture leads to complete
fracture of the brace cross section.
4.1.2

Gusset-Plate Modeling Approach
The gusset-plate limit states of tensile yielding (GPY), brace-to-gusset weld

fracture (BRW), and gusset-plate interface weld fracture (GPW) were included in the
nonlinear building models. Figure 4.1 shows the OCBF corner brace connection
modeling procedure in OpenSees. There is a translational spring to simulate the strength
and stiffness (calculated using fundamental mechanics in Eqs. 2.2 and 2.3) of the gusset-
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plate yielding limit state using its yield stress, thickness, length, and Whitmore width.
The gusset-plate tensile yielding axial spring is modeled in the same ZeroLengthElement
using the Series uniaxial material with the brace-to-gusset weld force-deformation
behavior for the brace-to-gusset weld fracture limit state. The calculations for the strength
and stiffness of the brace-to-gusset weld axial spring were discussed in Section 2.3.3 and
can be calculated with Eqs. 2.4 and 2.5 using weld nonlinear behaviors described in the
Specification for Structural Steel Buildings Section J2.4 (AISC 2017c). The
MaxStrainRange wrapper was used to model fracture with a unidirectional deformation
capacity of 0.339wbr for longitudinally loaded fillet welds. After brace-to-gusset weld
fracture is simulated to have occurred, the stiffness of the translational spring is reduced
to essentially zero as the brace would have disconnected from the gusset plate with no
load path. There is also an out-of-plane rotational spring at the brace-end to simulate the
strength and stiffness (calculated using fundamental mechanics in Eqs. 2.6 and 2.7) of the
gusset-plate interface weld fracture limit state; the spring has an MSR wrapper to remove
the element once a certain analysis fracture rotation criterion, 𝜃𝑓 , is reached. The
calculations for the analysis fracture rotation criteria, 𝜃𝑓 , will be discussed later in this
section.
Rigid offset elements are included in the nonlinear modeling process to simulate
the connection geometry and rigidity, as shown in Figure 4.1. The beam rigid offset is
75% of the length of the gusset plate and simulates the stiffening provided by the gusset
plate to prevent beam rotation in the rigid offset zone. The brace rigid offset is the
distance between the work point and brace-end. The column rigid offset is distance
between the top bolt in the beam-to-column double angle and the bottom bolt in the
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column-to-gusset double angle. There is also a pair of flexible and rigid springs in
parallel at the beam-to-column connection to simulate the response of the bolted-welded
double angle connection. In the absence of gusset-plate interface weld fracture, the beamto-column connection is rigid due to the gusset plate acting as a haunch and preventing
rotation. However, following gusset-plate interface weld fracture, the gusset plate is
disconnected from adjacent framing elements and no longer prevents rotation. As a result,
the rigid beam-column spring adjacent to the gusset plate is removed with gusset-plate
interface weld fracture as the gusset plate is disconnected from the beam and column and
no longer provides a stiffening effect to prevent rotation. However, there is still a flexible
spring with essentially zero stiffness retained to allow load transfer through a shear
connection which is assumed to still be intact. Following gusset-plate interface weld
fracture, there is a flexible translational spring in line with the brace with a stiffness of
essentially zero due to loss of axial resistance in the connection.
In addition, when the gusset-plate failure rotation criterion value is reached, the
beam rigid offset is removed to facilitate plastic hinging occurring in what was
previously the region offset zone. It should be noted that when gusset-plate interface weld
fracture is simulated in the nonlinear models in the present work, fracture of the welds
occurs on both the beam-to-gusset and column-to-gusset interfaces once the analysis
failure criterion calculated using the strength of the beam-to-gusset connection is
reached; there are no secondary yielding mechanisms included for the beam-to-column or
column-to-gusset bolted-welded double angles. The fracture abbreviations used in the
present work are shown in Table 4.1.
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Table 4.1: Fracture Abbreviations
Abbreviation

Meaning

BRF
BRW
GPW

Brace yielding and fracturing in tension
Brace-to-gusset weld fracture
Gusset-plate interface weld fracture

Figure 4.1: OCBF corner brace connection discretization

The midspan chevron configuration is modeled in a similar way, as shown in
Figure 4.2. The same springs for gusset-plate tensile yielding, brace-to-gusset weld
fracture, and gusset-plate interface weld fracture are included. However, the main
difference is the elements that are removed once gusset-plate interface weld fracture
occurs. The rotational gusset-plate spring at the brace-end is removed once 𝜃𝑓 is reached.
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Figure 4.2: OCBF midspan chevron beam connection discretization

The DCRs for the gusset-plate yielding and brace-to-gusset weld limit states can
be calculated below in Eqs. 4.2 and 4.3 from Sen (2018), respectively, and are included in
this chapter to quantify the strength of the welds compared to the full tensile axial brace
demand which may develop in the nonlinear dynamic analysis. The gusset-plate
geometric properties and weld variables used in Eqs. 4.2 and 4.3 are shown in Figure 4.3.

𝐷𝐶𝑅𝑔𝑝𝑦 =

𝐷𝐶𝑅𝑏𝑟𝑤 =

(𝑅𝑦 𝐹𝑦)𝑏𝑟 𝐴𝑔
(𝑅𝑦 𝐹𝑦)𝑝 𝐵𝑤 𝑡𝑝

(𝑅𝑦 𝐹𝑦)𝑏𝑟 𝐴𝑔
1.2√2𝐹𝐸𝑋𝑋 𝑤𝑏𝑟 𝐿𝑤

(4.2)

(4.3)

100

Figure 4.3: Gusset-plate geometry and weld variables

The computed DCRs for both limit states are shown in Table 4.2. All of the gusset
plates in the paired single diagonal braced frame for both the Seattle and Memphis
buildings have a DCRgpy above unity; meaning gusset-plate tensile yielding is expected to
occur in the static and dynamic nonlinear analysis. Some of the gusset plates in the
chevron brace have DCRgpy less than unity, which may allow the brace to develop its full
tensile strength if no premature brittle limit states occur before delayed brace fracture.
For the brace-to-gusset weld limit state, both the chevron and paired single diagonal
braces have DCRbrw above unity that may preclude brace yielding.
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Table 4.2: GPY and BRW Limit State Parameters and DCRs
General

Story

1

2

3

1

2

3

Connection
detail no.

SEA-C1.1
and SEAC3.1
SEA-C1.2
and SEAC2.1
SEA-C1.3
and SEAC2.2
MEM-C1.1
and
MEM-C3.1
MEM-C1.2
and MEMC2.1
MEM-C1.3
and MEMC2.2

Gusset-plate tensile yielding
Gusset
plate
Whitmore DCRgpy
width, Bw
(in.)
Chevron brace configuration

Brace-to-gusset weld
fracture
Brace
weld
Weld
Size,
length, DCRbrw
wbr
Lw (in.)
(in.)

HSS
brace
size

Gusset
plate
thickness,
tp (in.)

HSS7x
7x1/2

3/4

22.01

0.82

7/16

13

1.11

HSS6x
6x1/2

5/8

18.70

0.98

7/16

11

1.10

HSS51/2x51/2x5/1
6

1/2

13.58

1.01

3/8

7

1.21

HSS6x
6x3/8

5/8

18.70

0.76

3/8

11

1.00

1/2

15.89

1.01

3/8

9

1.11

3/8

12.43

1.47

5/16

6

1.69

HSS51/2x51/2x3/8
HSS51/2x51/2x5/1
6

Paired single diagonal brace configuration
1

2

3

1

2

3

SEA-D3.1
and SEAD2.1
SEA-D1.1
and SEAD2.2
SEA-D1.2
and SEAD4.1
MEM-D3.1
and MEMD2.1
MEM-D1.1
and MEMD2.2
MEM-D1.2
and MEMD4.1

HSS7x
7x1/2

5/8

18.55

1.17

7/16

10

1.44

HSS6x
6x1/2

1/2

16.39

1.39

3/8

9

1.56

HSS51/2x51/2x5/1
6

3/8

13.58

1.35

5/16

7

1.45

HSS6x
6x3/8

1/2

16.39

1.08

5/16

9

2.24

HSS6x
6x3/8

3/8

15.24

1.55

5/16

8

1.64

HSS5x
5x3/8

3/8

11.93

1.62

1/4

6

2.23
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The DCR for the gusset-plate interface weld fracture, DCRgpw, can be computed
using Eq. 4.4 from Sen et al. (2019). The variable, wp, is the beam-gusset interface fillet
weld size shown in Figure 4.4. The analysis fracture rotation limit, 𝜃𝑓 , was calculated
using Eq. 4.5 which includes a term for the gusset-plate elliptical clearance, Lclear. The
OCBF gusset plates were not required to provide sufficient clearance to accommodate
out-of-plane buckling, as the braces were only detailed to be offset 2 in. from the nearest
beam or column flange.

𝐷𝐶𝑅𝑔𝑝𝑤 =

(𝑅𝑦𝐹𝑦)𝑝 𝑡𝑝

(4.4)

0.9√2 𝐹𝐸𝑋𝑋 𝑤𝑝

0.33

𝐿𝑐𝑙𝑒𝑎𝑟
𝜃𝑓 = 0.11 (
)
𝑡𝑝

−0.57
𝐷𝐶𝑅𝑔𝑝𝑤
≤ 0.257 rad

(4.5)

Figure 4.4 shows an example elliptical clearance used to determine Lclear for the
OCBF connections. The ellipse center is located at the intersection between the brace
neutral axis and vertical extension of the gusset-plate edge (shown with a blue line in
Figure 4.4). The ellipse boundaries are the column-gusset double angle and beam flange.
Lclear is the elliptical clearance thickness and can be expressed in terms of the gusset-plate
thickness as Ntp.
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Figure 4.4: Gusset-plate elliptical clearance

The computed DCRgpw for the OCBFs along with each gusset-plate analysis
fracture rotation limits, 𝜃𝑓 , are summarized in Table 4.3.
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Table 4.3: GPW Limit State Parameters and DCRs
Sto
ry

1
2
3
1
2
3

Connection
detail no.

SEA-C3.1
SEA-C1.1
SEA-C2.1
SEA-C1.2
SEA-C2.2
SEA-C1.3
MEM-C3.1
MEM-C1.1
MEM-C2.1
MEM-C1.2
MEM-C2.2
MEM-C1.3

Gusset-plate
thickness, tp
(in.)

Weld
size, wp
(in.)

Lclear
(in.)

Lclear/tp

Chevron Brace Configuration
3/4
1/2
0a
0a
3/4
3/8
0.80
1.07
5/8
5/16
0.59
0.94
5/8
5/16
1.29
2.06
1/2
3/16
1.11
2.22
1/2
1/4
1.54
3.08
5/8
5/16
0.47
0.75
5/8
5/16
1.28
2.05
1/2
1/4
0.96
1.92
1/2
1/4
1.39
2.78
3/8
3/16
1.34
3.57
3/8
3/16
1.66
4.43
Paired Single Diagonal Brace Configuration
5/8
3/8
0a
0a
5/8
1/4
0.95
1.52

DCRgpw

Analysis
fracture
rotation, 𝜃𝑓
(rad)

0.93
1.23
1.23
1.23
1.65
1.23
1.23
1.23
1.23
1.23
1.23
1.23

0.0160b
0.0996
0.0956
0.124
0.108
0.141
0.0887
0.124
0.121
0.137
0.149
0.159

SEA-D3.1
1.03
0.0350b
SEA-D2.1
1.54
0.0986
SEA-D1.1
2
and SEA1/2
1/4
1.13
2.26
1.23
0.128
D2.2
SEA-D1.2
3
and SEA3/8
3/16
1.52
4.05
1.23
0.155
D4.1
MEM-D3.1
1/2
5/16
0a
0a
0.99
0.0401b
1
MEM-D2.1
1/2
3/16
1.12
2.24
1.65
0.108
MEM-D1.1
2
and MEM3/8
3/16
1.25
3.33
1.23
0.145
D2.2
MEM-D1.2
3
and MEM3/8
3/16
1.82
4.85
1.23
0.156
D4.1
a
No elliptical clearance at column base connection
b
Determined using pushover analysis to allow brace buckling before gusset-plate interface weld
fracture
1

It was common for there to be no elliptical clearance at column base gusset plates;
this was the case for connections SEA-C3.1, SEA-D3.1, and MEM-D3.1. For these
connections, pushover over analyses were performed to quantify the out-of-plane gussetplate rotation at the story drift that corresponded to brace buckling. This rotation was then
used as the value for the analysis fracture rotation limit, 𝜃𝑓 , to ensure brace buckling
occurred before gusset-plate interface weld fracture. Figure 4.5 shows this process for the
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specific example of the O-SEA-D model with the first-story right brace-to-gusset plate
subassemblage. Figure 4.5a shows the brace axial force versus story-drift plot, where
brace buckling is observed to occur at a story drift of 0.38% due to a sudden loss of
strength. This corresponds to a gusset-plate out-of-plane rotation per Figure 4.5b of
around 0.035 radians at the point of brace buckling. Thus, that rotation of 0.035 radians
was set as 𝜃𝑓 to ensure brace buckling occurred before gusset-plate interface weld
fracture. It was chosen to do this in the present work to be more representative of existing
conditions in OCBF buildings, for it is unrealistic to predict a gusset-plate interface weld
fracture as soon as out-of-plane gusset-plate rotation occurs; this would have been the
case if 𝜃𝑓 was set to zero based on Eq. 4.5 due to no Lclear at these connections. There is a
non-zero gusset-plate out-of-plane rotation that occurs prior to buckling because of the
initial imperfection of the braces.

(a) Brace axial force versus story drift

(b) Story drift versus gusset-plate rotation

Figure 4.5: Sample pushover results to determine gusset-plate analysis fracture rotation
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4.1.3

Frame Modeling Approach
Columns were modeled as distributed-plasticity, force-based elements with fiber

sections and discretized into 12 elements as shown in Figure 4.6. They were given an
initial imperfection of L/1000 to allow for the occurrence of buckling. Beams were
modeled as distributed-plasticity, force-based elements with fiber sections and were
modeled with 1 element between work points. P-∆ columns, or leaning columns, and
beam stubs were included in the nonlinear analyses to consider the tributary gravity load,
stiffness, and strength of the gravity system. The P-∆ elements represent the stiffness of
the columns and beams which may act as a reserve system to prevent collapse following
brace failure. The P-∆ columns utilized parallel nonlinear beam-column elements with
fiber sections representative of the cumulative tributary gravity system; the elastic
modulus and yield stresses were scaled to represent all columns in the tributary area. It
should also be noted that the leaning columns were constrained to have the same lateral
displacements as the braced frame center column to simulate a rigid diaphragm at each
level.
Out-of-plane beam stubs were added to the nonlinear analyses to represent the
beam framing running transverse (out-of-plane) to the OCBFs. The beam stubs used
multiple parallel beam-column elements and were half the total length of the beam,
representative of the length to the moment inflection point. These elements were added in
part to provide bracing to the columns which are susceptible to buckling in OCBFs to
approximate realistic boundary conditions. The beam stubs are attached to the columns
with composite bolted shear plates, which are modeled as nonlinear rotational springs in
OpenSees.
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Figure 4.6: OpenSees column modeling

The concrete slabs were modeled as compression-only truss elements. The
building diaphragm was assumed to be strong enough to develop the forces in the braced
frame. It should be noted that real buildings may be vulnerable to concrete crushing or
strength degradation in the concrete slabs during an earthquake that is not modeled in the
present work. In addition, the moment-rotation backbone curve model developed by Liu
and Astaneh-Asl (2004) is utilized in the present work to quantify the moment and
rotation capacity of the simple shear connections in the archetype building. The response
of the bolted, single-plate shear connections is modeled in OpenSees with the Pinching4
material to represent a load-deformation (moment-rotation) response that degrades as
cyclic loading progresses. Importantly, the shear-tab response also provides lateral
resistance following the LFRS failure. A summary of the OpenSees frame modeling
process is shown in Table 4.4.
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Table 4.4: OpenSees Frame Modeling
Frame component
Columns
Beams

4.1.4

Modeling process
Distributed-plasticity, force-based elements
(FBEs) with fiber sections and discretized into
12 elements
Distributed-plasticity FBEs with fiber sections
and 1 element between work points

Tributary gravity framing

P-∆ beams and columns

Concrete slabs

Compression-only truss elements

Bolted, single-plate
shear connections

Moment-rotation springs with zero-length
elements Liu & Astaneh-Asl (2004)

Model Performance State Expressions
A summary of the possible performance states of component replacement and

potential collapse are shown in Table 4.5 and align with the performance states imposed
by Sen (2018). The possible failure modes included in the model that would lead to
complete loss of brace axial resistance include complete brace section fracture, gussetplate interface weld fracture, and brace-to-gusset weld fracture. At that point, any
remaining lateral resistance in the model would stem from other braces or frame action.
These performance states are classified as “component replacement” performance states
since replacement would be required to restore lateral resistance. Probable collapse
mechanisms are defined as the possible failure modes that would results in total loss of
lateral resistance in the system. These performance states include excessive column
buckling in which the ratio of midspan column out-of-plane deflection, z, over the
column flange width, bf, is greater than one, beam-to-column bolted shear-plate
connection fracture, or story drift exceeding 8% sustained in any of the stories.
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Table 4.5: Performance State Expressions (Sen 2018)
Characteristic

Performance
State

Component replacement
Brace midspan tearing or fracture

MSR > MSRf

Gusset-plate interface weld fracture

𝜃𝑔𝑝 > 𝜃𝑔𝑝,𝑓

Brace-to-gusset weld fracture

∆𝑤𝑒𝑙𝑑 > ∆𝑢

Potential collapse
Column buckling

𝑧
>1
𝑏𝑓

Bolted shear-plate fracture (gravity connection)

𝜃𝑠𝑝 > 𝜃𝑠𝑝,𝑓

Story drift

∆𝑠𝑡𝑜𝑟𝑦
> 8%
𝐻

It is noted that yielding of the gusset plate is expected damage under strong
ground motion; excessive yielding may require repair, but this is not considered here.
Chevron midspan beam yielding is also possible from the large moment imposed on the
middle of the chevron beam from the unbalanced brace tensile and compressive forces;
expected damage from this performance state would be local buckling and residual
deflection which would require some structural repair. Still, it is assumed that demands
large enough to require replacement would already be consistent with probable collapse.
Performance states will be discussed more in Chapter 6.
4.1.5

OpenSees Modeling Summary
A summary of notable OpenSees (McKenna et al. 2010) modeling details used in

the present work are as follows:
o Columns were modeled with distributed-plasticity along the longitudinal direction
and as FBEs with fiber sections. The columns were given an initial imperfection
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equal to H/1000 to allow for the occurrence of buckling, where H is the story
height. Columns were discretized into 12 elements.
o Beams were modeled as distributed-plasticity, FBEs with fiber sections. Beams
were modeled with 1 element between work points.
o Braces were modeled as distributed-plasticity, DBEs with fiber sections and an
initial imperfection of L/500, where L is the length of the brace. The braces have
16 DBEs and four integration points per element. The brace section is discretized
into 4 fiber layers along the wall corners, resulting in 128 total fibers in the brace
cross section. The MSR fracture model is used to simulate brace fracture.
o Rigid elements were modeled to offset columns and beams from work points to
simulate geometry and increased stiffness at beam, column, and gusset-plate
connection regions.
o Gusset-plate axial yielding and brace-to-gusset weld fracture were modeled with
nonlinear springs at each brace-end within a zero-length element. Gusset-plate
interface weld fracture was modeled with an out-of-plane rotational spring at the
brace-end within the same zero-length element. Brace-to-gusset weld and gussetplate interface weld fractures were modeled assuming total loss of brace axial
resistance when the fracture criterion is reached, with no secondary yielding
mechanisms from the column-to-gusset double angle connection.
o The concrete slabs were modeled as compression-only truss elements. The
building diaphragm was assumed to be strong enough to develop the forces in the
braced frame. It should be noted that real buildings may be vulnerable to concrete
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crushing or strength degradation in the concrete slabs not modeled in the present
work.
o Steel fibers are modeled by the Steel02 material with a 1% kinematic strain
hardening ratio (R0 of 15, cR1 of 0.925, and cR2 of 0.15), modulus of elasticity E
of 29,000 ksi, yield stress Fy of 50 ksi and RyFy of 55 ksi for the beams and
columns, and yield stress Fy of 46 ksi and RyFy of 64 ksi for the braces.
o The same archetype building and distributed gravity loads as Sen (2018) were
used.
o Bolted shear plates were modeled at beam-column intersections as momentrotation springs within zero-length elements per recommendations from Liu &
Astaneh-Asl (2004).
o P-∆ columns with tributary gravity loads, strength, and stiffness were included in
the model. The tributary gravity faming in each braced frame’s tributary area was
modeled with beam stubs.
4.2 Nonlinear Static Cyclic Analyses
Nonlinear static cyclic analyses were performed in OpenSees to verify appropriate
performance of the building models. The cyclic analyses were performed for each OCBF
model with two variations of each building model. The first variation did not simulate the
brace connection fractures of brace-to-gusset weld fracture and gusset-plate interface
weld fracture. The intent of these nonlinear static analyses was to gradually build up the
model complexity and demonstrate that fracture is simulated. The second variation of the
analysis did simulate weld fracture limit states. Cyclic analyses were also performed for
the SCBF buildings models from Sen (2018) to facilitate direct comparisons between the
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OCBF and SCBF models; the SCBF models did not simulate brace-to-gusset weld
fracture or gusset-plate interface weld fracture limit states because the welds were sized
following the SCBF capacity-based design requirements to allow the brace to develop its
full tensile strength. All the OCBF and SCBF models had potential gusset-plate tensile
yielding.
The cyclic analyses had a roof drift target displacement array shown in Table 4.6.
A fully reversed loading protocol with increasing amplitude was used to simulate
earthquake loading, with 4 cycles at each amplitude level. The maximum target
displacement corresponded to a maximum roof drift of 3%, which usually corresponded
to a maximum story drift of around 8% in each of the models. It was desired not to
exceed a story drift of 8%; the model is not valid beyond this point and this performance
is designated as potential collapse.

Table 4.6: Cyclic Analysis Reversed Loading Protocol
Amplitude Level
1
2
3
4
5
6
7

Roof node target story drift (%)
±0.25
±0.50
±1.00
±1.50
±2.00
±2.50
±3.0

Loads were applied on the building based on the results of the ELF procedure,
with spatial vertical distribution factors Cvx of 0.19 for the first story, 0.37 on the second
story, and 0.44 on the third story. It should be noted that 1F refers to the first story, 2F
refers to the second story, and 3F refers to the third story.
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4.2.1 Performance of O-SEA-C Model
The hysteretic responses for the O-SEA-C models without and with simulated
weld fracture are shown in Figure 4.7 and 4.8. The damage concentration was in the first
story for the model without the weld fracture.

(a) Model without simulated weld fracture

(b) Model with simulated weld fracture

Figure 4.7: O-SEA-C model base shear hysteretic responses (NC = nonconvergence)

The model with simulated weld fracture was unable to converge past a roof drift
of around 0.3% following a second-story gusset-plate interface weld fracture. A reminder
that in the present work, a gusset- plate interface weld fracture refers to fracture on both
the beam-to-gusset and column-to-gusset interfaces; there are no secondary yielding
mechanisms considered from the welded-bolted double angles. The O-SEA-C model
sustained numerical instability following the second-story gusset-plate interface weld
fracture and convergence was not achieved beyond this point. As a result, no significant
brace or column deformation was sustained in the model.
However, the model without simulated weld fracture had brace buckling and
fracture in the first-story braces, as shown in Figure 4.9; this lent itself to the creation of a
soft first-story mechanism. There was no brace buckling on the second or third stories.
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Both of the first-story braces fractured in the model without simulated weld fracture. The
chevron beam had a maximum vertical deflection of 2.9 in. There was column buckling
with the maximum out-of-plane deflection z/bf of 0.3. The column axial forcedeformation response for the first story is shown in Figure 4.9; in the first-story column,
the maximum column force P/Pcr was 0.8 and there was a relatively large amount of
column yielding due to axial-flexural interactions in the column. The second- and thirdstory column responses are not shown as there was no significant deformation in these
stories.

(a) Model without simulated weld fracture

(b) Model with simulated weld fracture

Figure 4.8: O-SEA-C model story shear hysteretic responses (NC = nonconvergence)
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(a) Brace response

(b) Column response

Figure 4.9: O-SEA-C model without simulated weld fracture 1F force-deformation responses

4.2.2 Performance of O-SEA-D Model
The O-SEA-D model without simulated weld fractures had less damage
concentration in a single story than the model with weld fractures. The model with
simulated weld fracture had a lower deformation and energy dissipation capacity because
there was a sudden loss of strength following first-story brace buckling and weld
fractures, as shown in the hysteretic responses of Figure 4.10 and 4.11.

(a) Model without simulated weld fracture

(b) Model with simulated weld fracture

Figure 4.10: O-SEA-D model base shear hysteretic responses
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(a) Model without simulated weld fracture

(b) Model with simulated weld fracture

Figure 4.11: O-SEA-D model story shear hysteretic responses

For the O-SEA-D model with simulated weld fracture, the following failure
sequence occurred:
1. First-story gusset-plate interface weld fracture in the left brace; then,
2. First-story brace-to-gusset fracture in the right brace; then,
3. Second-story brace-to-gusset fracture in the right brace.
Column buckling did occur in the first-story left and right columns for the model
without simulated weld fracture as shown in Figure 4.12; there was no column buckling
or significant yielding in the second or third stories. Column buckling did not occur in the
model with simulated weld fracture because the drift demands are better distributed and
the deformation capacities of the brace-connection assemblies are larger. For the model
without simulated weld fracture, brace buckling first occurred in the third story, before
the braces buckling in the first and second stories; by the end of the target displacement
array, all braces sustained buckling and fracture. For the model with simulated weld
fracture, brace buckling only occurred in the first-story left brace and there was no brace
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fracture. Figure 4.13 shows the brace axial versus deformation response for both models
at each story.

Figure 4.12: O-SEA-D model without simulated weld fracture column 1F axial forcedeformation response

4.2.3 Performance of O-MEM-C Model
For the O-MEM-C model without simulated weld fracture, there was a soft firststory due to brace buckling and fracture as shown in the hysteretic responses of Figure
4.14 and 4.15. There was first-story brace buckling as shown in Figure 4.16. There was
column buckling as shown in Figure 4.17, with a maximum peak midspan out-of-plane
z/bf ratio of around 0.35 with a relatively large amount of column yielding. The
maximum chevron midspan beam displacement was 3 in., indicating midspan flexural
yielding of the chevon beam. For the O-MEM-C model with simulated weld fracture, the
model was unable to converge beyond 0.2% roof drift following a first-story gusset-plate
interface weld fracture that led to numerical instability in the model. Thus, there was no
substantial deformation in the column or braces due to the loading protocol ending short.
The point of nonconvergence (NC) is shown in Figure 4.14 and 4.15.
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Model Without Simulated Weld Fracture

Model With Simulated Weld Fractures

(a) 1F

(b) 2F

(c) 3F
Figure 4.13: O-SEA-D model brace axial force-deformation responses
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(a) Model without simulated weld fracture

(b) Model with simulated weld fracture

Figure 4.14: O-MEM-C model base shear hysteretic responses

(a) Model without simulated weld fracture

(b) Model with simulated weld fracture

Figure 4.15: O-MEM-C model story shear hysteretic responses
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(a) Model without simulated weld fracture

(b) Model with simulated weld fracture

Figure 4.16: O-MEM-C model 1F brace axial force-deformation response

Figure 4.17: O-MEM-C model without simulated weld fracture column 1F axial forcedeformation response

4.2.4 Performance of O-MEM-D Model
For the O-MEM-D model without simulated weld fracture, there was a soft firststory due to brace buckling and fracture in both first-story braces. The hysteretic
responses are shown in Figure 4.18 and 4.19, and the brace axial force versus axial
deformation plots are shown in Figure 4.20. Both first-story braces buckled in the model
without simulated weld fracture, whereas the model with simulated weld fracture only
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had the first-story left brace buckle. There was no column buckling in either of the
models. In the model with simulated weld fracture, the following fractures occurred:
1. First-story brace-to-gusset weld fracture in the right brace; then
2. First-story gusset-plate interface weld fracture in the left brace.
There was column buckling with a peak z/bf of around 0.2, but not enough to
exceed the column buckling potential collapse performance state. Figure 4.21 shows the
first-story column response with the occurrence of significant column axial yielding.

(a) Model without simulated weld fracture

(b) Model with simulated weld fracture

Figure 4.18: O-MEM-D model base shear hysteretic responses
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(a) Model without simulated weld fracture

(b) Model with simulated weld fracture

Figure 4.19: O-MEM-D model story shear hysteretic responses

(a) Model without simulated weld fracture

(b) Model with simulated weld fracture

Figure 4.20: O-MEM-D model 1F brace axial force-deformation response
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Figure 4.21: O-MEM-D model without simulated weld fracture column 1F axial forcedeformation response

4.2.5 Performance of S-SEA-C Model
The S-SEA-C model from Sen (2018) included gusset-plate tensile yielding in the
model but no simulated gusset-plate failure modes. The analysis showed a soft first story,
as buckling and fracture of only the first-story braces occurred. There was no column
buckling as the columns were capacity designed. The maximum chevron beam vertical
displacement was 1.8 in. and occurred in the second-story beam. This vertical
displacement was less than the 2.9 in. for the O-SEA-C model and 3 in. for the O-MEMC model. Figure 4.22 and 4.23 show the model hysteretic responses and first-story brace
response, respectively.
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(a) Base shear hysteretic response

(b) Story shear hysteretic response

Figure 4.22: S-SEA-C model hysteretic responses

Figure 4.23: S-SEA-C model 1F brace axial force-deformation response

4.2.6 Performance of S-SEA-D Model
The S-SEA-D model also had a soft first story; only those braces buckled and
fractured. Figure 4.24 shows the hysteretic response and Figure 4.25 shows the first-story
brace force-deformation relationship. In comparison, the O-SEA-D model without weld
fracture had brace buckling and fracture in all stories with a more full-frame mechanism.
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(a) Base shear hysteretic response

(b) Story shear hysteretic response

Figure 4.24: S-SEA-D model hysteretic responses

Figure 4.25: S-SEA-D model 1F brace axial force-deformation response

4.3 Input Ground-Motion Suites
4.3.1 Seattle Ground-Motion Suite Selection and Scaling
The seismic performance comparison in the present work used a suite of ground
motions representing the Uniform Hazard Spectrum (UHS) corresponding to 2%/50-year
and 10%/50-year spectral acceleration probabilities of exceedance. These defined the
seismic hazard levels for both the Seattle and Memphis sites. A 2% probability of
exceedance in 50 years corresponds to a return period of 2,475-years, which is the
maximum considered earthquake in ASCE/SEI 7-16 (ASCE 2017); it should be noted that
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design values are actually based on the risk-adjusted maximum considered earthquake,
MCER. The 10% probability of exceedance in 50 years has a return period of 475-years
and is the intermediate level earthquake often used in prior work from FEMA (2000).
Spectral accelerations associated with the 10%/50-year event are consistent with historic
design on the west coast of the US.
For both hazard levels, 30 ground motions were selected for the Seattle site from
the PEER NGA-West2 Database (Ancheta et al. 2013) and are shown in Table 4.7 and
4.8 for the 475-year and 2,475-year return period, respectively. These ground motions
were compiled by Sen (2018). The Record Sequence Numbers (RSN) in the tables are the
identifiers in the PEER-NGA West2 Database for each ground motion. Each RSN has 2
different ground motions for 2 unique horizontal directions. Each ground motion was
selected to approximate the UHS across a range of period; period-dependent scale factors
are then used to scale the motions. It should be noted that the ground-motion suite was
chosen so that no more than two records for a given hazard level were selected from the
same earthquake to help prevent event bias.
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Table 4.7: Seattle 10%/50-year Ground-Motion Set (Ancheta et al. 2013)
RSN
15
57
164
231
265
288
313
340
534
548
564
587
739
811
990
1006
2655
2658
3750
3943
3979
4031
4139
4148
4229
4455
4873
4882
5478
5678

Earthquake
Kern County
San Fernando
Imperial Valley-06
Mammoth Lakes-01
Victoria, Mexico
Irpinia, Italy-01
Corinth, Greece
Coalinga-01
N. Palm Springs
Chalfant Valley-02
Kalamata, Greece-01
Kalamata, Greece-01
New Zealand-02
Loma Prieta
Loma Prieta
Northridge-01
Chi-Chi, Taiwan-03
Chi-Chi, Taiwan-03
Cape Mendocino
Tottori, Japan
San Simeon, CA
San Simeon, CA
Parkfield-02, CA
Parkfield-02, CA
Niigata, Japan
Montenegro, Yugoslavia
Chuetsu-oki, Japan
Chuetsu-oki, Japan
Iwate, Japan
Iwate, Japan

Station
Taft Lincoln School
Castaic-Old Ridge Route
Cerro Prieto
Long Valley Dam (Upr L Abut)
Cerro Prieto
Brienza
Corinth
Parkfield-Fault Zone 16
San Jacinto-Soboba
Benton
Kalamata (bsmt)
Matahina Dam
Anderson Dam (Downstream)
WAHO
LA-City Terrace
LA-UCLA Grounds
TCU122
TCU129
Loleta Fire Station
SMN015
Cambria-Hwy 1 Caltrans Bridge
Templeton-1-story Hospital
PARKFIELD-UPSAR 02
PARKFIELD-UPSAR 12
NIGH12
Herceg Novi- O.S.D. Paviviv
Kashiwazaki City Takayanagicho
Ojiya City
AKT023
MYGH02
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Table 4.8: Seattle 2%/50-year Ground-Motion Set (Ancheta et al. 2013)
RSN
15
57
79
164
265
340
564
769
811
963
1012
1350
1546
1618
1633
1762
2655
3269
3750
3759
3943
4031
4132
4213
4229
4841
4873
5656
5818
6948

Earthquake
Kern County
San Fernando
San Fernando
Imperial Valley-06
Victoria, Mexico
Coalinga-01
Kalamata, Greece-01
Loma Prieta
Loma Prieta
Northridge-01
Northridge-01
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Duzce, Turkey
Manjil, Iran
Hector Mine
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Cape Mendocino
Landers
Tottori, Japan
San Simeon, CA
Parkfield-02, CA
Niigata, Japan
Niigata, Japan
Chuetsu-oki, Japan
Chuetsu-oki, Japan
Iwate, Japan
Iwate, Japan
Darfield, New Zealand

Station
Taft Lincoln School
Castaic-Old Ridge Route
Pasadena-CIT Athenaeum
Cerro Prieto
Cerro Prieto
Parkfield-Fault Zone 16
Kalamata (bsmt)
Gilroy Array #6
WAHO
Castaic-Old Ridge Route
LA 00
ILA067
TCU122
Lamont 531
Abbar
Amboy
TCU122
CHY029
Loleta Fire Station
Whitewater Trout Farm
SMN015
Templeton-1-story Hospital
Parkfield-Vineyard Cany 2E
NIG023
NIGH12
Joestu Yasuzakaku Yasuzuka
Kashiwazaki City Takayanagicho
IWTH24
Kurihara City
OXZ

Figure 4.26 shows the uniform hazard spectrum and input ground-motion
response period scaled with a fundamental period of 0.45 s for both the 2%/50-year and
10%/50-year seismic hazard levels. The UHS was computed from Seattle site-specific
hazard curves using the USGS National Seismic Hazard Mapping Project Code with the
2014 edition of the Conterminous US National Seismic Hazard Model (USGS 2017b) .
Figure 4.26 also shows the Seattle site record geometric mean spectra and set geometric
mean spectrum scaled for a fundamental period of 0.45 s at the 475- and 2,475-year
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hazard levels. The spectral content of certain individual ground motions has a wide range
of variability, but the set geometric mean closely approximates the UHS intensity.

(a) 475-year return period

(b) 2,475-year return period
Figure 4.26: Seattle uniform-hazard and input ground-motion response spectra with scaling for T1
of 0.45 s
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Seattle scale factors were chosen to minimize error and produce a set geomean
that approximates the UHS. The period range used for scaling was 0.5T1 to 5T1. Figure
4.27 shows the distribution of scale factors for the Seattle ground motions used for both
hazard levels at a building period of 0.45 seconds. The ground-motion scale factors used
in the box plot is the average of those between the fundamental period range of 0.37 to
0.45 seconds; this period range is representative of all the Seattle buildings discussed in
the present work. Each box plot shows the minimum value, lower quartile Q1, median,
upper quartile Q3, and maximum value for the scale factors used in each return period.
The scale factors for the 2,475-year return period are larger than the 475-year return
period and have a greater amount of variability; this is due to the small number of ground
recordings from high intensity earthquakes.

Figure 4.27: Seattle distribution of average scale factors of periods 0.37 to 0.45 s
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4.3.2 Memphis Site Ground-Motion Suite Selection and Scaling
The Memphis site includes ground motions taken from the set developed by
NUREG/CR-6728 (McGuire et al. 2001) for central and eastern US sites; these ground
motions are modified from recordings since there is a lack of very strong ground-motion
recordings in the central and eastern US. The ground motions were selected to have
magnitude and distance consistent with seismic sources contributing to the 475- and
2,475-year hazard level and were scaled to the period of interest of 0.45 s using the same
process as the Seattle suite. Table 4.9 and 4.10 list the ground motions selected for the
475-year return period and 2,475-year return period for the Memphis site, respectively.
Table 4.9: Memphis 10%/50-year Ground-Motion Set (McGuire et al. 2001)
RSN
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20

Earthquake
Kocaeli, Turkey
Chi-Chi, Taiwan
Landers
Landers
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Landers
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Whittier Narrows
Whittier Narrows
Whittier Narrows
Whittier Narrows
N Palm Springs

Station
Cekmece
CHY078
Hemet Fire Station
San Bernardino-E Hospitality
HWA011
HWA013
HWA041
ILA064
Indio-Coachella Canal
TCU017
TTN
TTN001
TTN010
TTN020
TTN023
Pasadena-CIT Calif Blvd
Inglewood-Union Oil
Pasadena-CIT Keck Lab
La Puente-Rimgrove Av
Cabazon

132
Table 4.10: Memphis 2%/50-year Ground-Motion Set (McGuire et al. 2001)
RSN
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
21
22
23
24
25

Earthquake
Kocaeli, Turkey
Chi-Chi, Taiwan
Landers
Landers
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Landers
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Chi-Chi, Taiwan
Whittier Narrows
Mammoth Lakes 1980
Mammoth Lakes 1983
Chi-Chi, Taiwan
Chi-Chi, Taiwan

Station
Cekmece
CHY078
Hemet Fire Station
San Bernardino-E Hospitality
HWA011
HWA013
HWA041
ILA064
Indio-Coachella Canal
TCU017
TTN
TTN001
TTN010
TTN020
TTN023
Compton-Castlegate St
Convict Creek
Convict Creek
TCU051
TCU067

Figure 4.28 shows the Memphis uniform hazard and input ground-motion
response period scaled with a fundamental period of 0.45 s. Similar to the Seattle site, the
UHS was computed for the Memphis site from hazard curves using the USGS Seismic
Hazard Mapping Project Code (USGS 2017a). Figure 4.28 also shows the Memphis site
record geometric mean spectra and set geometric mean spectrum scaled for a
fundamental period of 0.45 s at the 475- and 2,475-year hazard levels. The similar trend
as the Seattle site follows that the spectral content of certain Memphis individual ground
motions has a wide range of variability, but the set geometric mean closely approximates
the UHS intensity. On average there are higher spectral acceleration intensities at the
Seattle site in Figure 4.26, but the Memphis site has a few record geomeans that are close
to 3.5 g.
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(a) 475-year return period

(b) 2,475-year return period
Figure 4.28: Memphis uniform-hazard and input ground-motion response spectra with scaling for
T1 = 0.45 s
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Figure 4.29 shows the distribution of scale factors for the Memphis scale factors
at a period of 0.45 seconds. The period range used for scaling was 0.5T1 to 5T1. There is
only 1 outlier, and it occurred in the 475-year return period. The scale factors for the
2,475-year return period are larger than the 475-year return period and have a greater
amount of variability.

Figure 4.29: Memphis distribution of scale factors at a period of 0.45 s
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CHAPTER 5 NONLINEAR DYNAMIC ANALYSES RESULTS
This chapter will present the results of the nonlinear dynamic analyses performed
for the seismic performance comparison in OpenSees. The three-story OCBF buildings
designed for the sites of Seattle and Memphis described in 0 are modeled using the CBF
nonlinear modeling approach described in Chapter 4; the buildings were subjected to
ground-motion suites representing the 475- and 2,475-year return period hazard levels.
The OCBFs were designed to meet requirements in ASCE/SEI 7-16 (ASCE 2017) and the
Seismic Provisions (AISC 2017a); notably, the connections were designed to resist the
seismic load effect multiplied by an overstrength factor of 2, which is intended to provide
limited system ductility. Many of the OCBF brace connections designed cannot resist the
full brace axial strength in tension; i.e., the connections have DCRs above unity when the
demand is the full tensile capacity of the brace. These DCRs are described in Chapters 3
and 4 and the most notable failure modes included in the nonlinear models that are
susceptible to failure in the brace connections are brace-to-gusset weld fractures (BRW)
and gusset-plate-interface weld fractures (GPW). Since the OCBFs are not designed to
provide clearance to accommodate brace out-of-plane buckling, fracture of gusset-plate
interface welds is a likely phenomenon and may be the controlling failure mode.
This chapter is separated into sections that will first discuss an example response
of OCBFs and the methods for identifying performance states. Next, individual
comparisons between (1) chevron brace and paired single diagonal brace configurations;
and (2) SCBF and OCBF system classifications will be included to introduce common
trends prevalent in the ground-motion suite. Then, the ground-motion suite results will be
discussed with emphasis on the distribution of peak story drift among the different
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archetype buildings, as well as the vertical drift distribution trends. Discussion of the
analysis base-shear demands and the calculated overstrength factor for each frame will
follow this. The brace-to-gusset subassemblage response is discussed next with emphasis
on any brace and connection fractures that occurred. Finally, the key frame responses,
including gravity-frame connection, column buckling, and chevron beam deflection
performance are examined. The results from the dynamic analysis of the 3-story SCBF
archetype buildings from Sen (2018) are included in this chapter to facilitate comparisons
between the responses of the two different system classifications.
5.1 Nonlinear Dynamic Analysis Forensics
Figure 5.1 shows the response of the O-SEA-D model to a scaled ground motion
recording from the 1989 Loma Prieta Earthquake; the spectral accelerations were scaled
to represent a 2,475-year return period that approximates the UHS with a scale factor of
1.44. The story-drift response-history plot shows the vertical distribution of drift on each
story with each dashed line along the vertical axis representing a 1% interval in story
drift; for this case the deformation was concentrated in the first and third stories with a
peak first-story drift of about 3% and a peak third-story drift of about 2%.
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(a) Story-drift response-history

(b) Story-drift hysteretic response

Figure 5.1: O-SEA-D model representative response (2,475-year return period)
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Connection fracture predicted brace fracture on both stories, and occurred in the
following order: 3F BRW, 3F BRW, 1F GPW, 1F GPW. The times at which these
connections fractures occurred are labeled in Figure 5.1; the fractures occurred in pairs on
each story (i.e., in both braces modeled on each story). The occurrence of fractures
caused a sudden increase in story drift demand due to loss of lateral resistance. Figure
5.1b shows how the fractures affected the hysteretic response on each story; there was
little reserve strength left after fracture, as the base-shear demand diminished. It was a
common trend observed in the research for weld fractures to occur in both braces on a
single story in succession.
5.2 Individual Ground-Motion Performance Comparisons
The response-history of individual buildings are included in this section to show
characteristics of common damage observed in the nonlinear dynamic analyses. Drift
histories for each story are shown, but only a first-story hysteresis is included, as a softstory mechanism formed in each case; this soft-story was representative of the entire suite
of results as will be discussed later in this chapter. Each plot included in this section is
scaled to represent the 2,475-year hazard level. Comparisons between system
configuration (chevron or paired single diagonal) for both the Seattle and Memphis sites,
as well as system classification comparisons (SCBF or OCBF) for the Seattle site will be
discussed.
5.2.1 System Configuration Comparison
Figure 5.2 shows the story-drift response-history and first-story hysteresis for the
O-MEM-C and O-MEM-D models subjected to scaled ground motions from the 1999
Chi-Chi Earthquake in Taiwan. Up until about 25 seconds for both models, there was less
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than 0.5% story drift on all floors. Then, the chevron frame sustained 2 gusset-plate
interface weld fractures and the paired single diagonal sustained 2 brace-to-gusset weld
fractures. The building performance in both cases was classified as potential collapse, as
they had first-story drifts that exceeded 8%. The hysteretic responses in Figure 5.2b show
rapid loss of strength and stiffness following connection fracture. The upper stories did
not have any significant story drift, as all deformation was concentrated on the first story
after connection fractures occurred. The weld fractures resulted in a change of the frame
dynamic properties by causing a fundamental period elongation which increased the
displacement demand on the building. This response was a common trend observed in the
ground-motion suite for both the chevron and paired single diagonal configuration braces.
Next, a comparison in the responses between the O-SEA-D and O-SEA-C models
subjected to the scaled ground motions of the San Simeon seismic event will be
discussed. The chevron braces had a gusset-plate interface weld fracture and brace-togusset-plate interface weld fracture at a time of around 5 seconds in the recording.
Following these fractures as shown in Figure 5.3a, there was a sudden increase in story
drift until the first-story drift exceeded 8% where the performance was classified as
potential collapse. The first-story hysteretic response for the chevron brace in Figure 5.3b
identifies where the fractures occurred that resulted in significant loss of stiffness. The
diagonal model had consecutive brace-to-gusset weld fractures that occurred around the
same time, but had much different post-fracture response. As shown in the responsehistory, a maximum first-story drift of 4% was achieved but the frame did not collapse.
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(a) Response-history

(b) 1F hysteretic response

Figure 5.2: Representative Memphis OCBF model response

The comparison in Figure 5.2 exhibited a different response than the one in Figure
5.3, despite both the chevron and diagonal configurations being subjected to the same
ground motions at their respective sites. This wide variability may be attributed to the
DCRs from the design of the buildings. On average, the DCRs computed with the full

141

brace axial load as the demand for the gusset-plate interface welds and brace-to-gusset
welds were slightly higher than those of the paired single diagonal brace, which affected
fracture susceptibility. A common trend observed in the present work is a better collapse
performance of the paired diagonal brace than the chevron braces, which is partially
attributed to the varying weld DCRs as will be discussed in this chapter.

(a) Response-history

(b) 1F hysteretic response

Figure 5.3: Representative Seattle OCBF model response
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5.2.2 System Classification Comparison
Figure 5.4 shows the varying responses between the O-SEA-C and S-SEA-C
models subjected to scaled ground motions from the 2008 Iwate Earthquake in Japan.
The SCBF did not have any brace or connection fractures, while the OCBF had a firststory gusset-plate interface weld fracture and brace-to-gusset weld fracture in succession.
The SCBF had a pinched but fuller hysteretic response compared to the OCBF, as shown
in Figure 5.4b, and had a peak first-story drift of 1.5% with most of the deformation
concentrated on the first story. The OCBF sustained fracture in both of its first-story
brace connections early on in the analysis and had a peak first-story drift of around 4%.
The OCBF model did not collapse despite the reduced strength and stiffness. The SCBF
model was weaker (as intended in design) but exhibited better performance due to its
increased ductility. The SCBF in Figure 5.4 did not have any brace fractures and was able
to dissipate energy through first-story brace buckling; in addition, it did not sustain large
enough demands to lead to brace fracture.
Figure 5.5 shows a typical S-SEA-D brace fracture response compared to a
typical O-SEA-D connection fracture response subjected to a scaled recorded ground
motion for the 2,475-year hazard level from the 2004 Niigata Earthquake in Japan. The
SCBF had a single first-story brace fracture at around 20 seconds, causing a sudden
decrease in stiffness and base-shear resistance capacity as shown in the hysteretic
response in Figure 5.5b. The SCBF maintained a modest amount of resistance as the
other first-story brace remained intact and did not fracture. Most of the deformation for
the SCBF was concentrated on the first story with a peak first-story drift of around 2%.
The OCBF experienced a sequence of failures on every story with first-story gusset-plate
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interface and brace-to-gusset weld fractures, second-story brace weld fracture, and thirdstory brace weld fracture. Despite this vertical distribution of fractures, most of the
deformation was concentrated in the first story where there was a peak story drift of
around 3%. Neither frame collapsed. The intended failure hierarchy for the SCBF
concludes with delayed brace fracture after low-cyclic fatigue. OCBFs do not have an
intended failure hierarchy, as they are not a highly ductile system.

(a) Response-history

(b) 1F hysteretic response

Figure 5.4: Representative Seattle chevron configuration response
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(a) Response-history

(b) 1F hysteretic response

Figure 5.5: Representative Seattle paired single diagonal configuration response

5.3 Ground-Motion Suite Results
This section presents the results of the nonlinear dynamic analyses subjected to
ground motions scaled for the 475-year and 2,475-year return period hazard levels. The
results are presented to facilitate comparisons between the Seattle OCBF and Memphis
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OCBF buildings, Seattle OCBF building and Seattle SCBF buildings (using data from
Sen [2018]), and chevron and paired single diagonal brace configurations (at both sites).
5.3.1 Nonconvergence
To understand the results of the ground-motion suite, it is first important to
discuss how cases of nonconvergence during dynamic analysis was considered in the
present work. The OCBF buildings have complex nonlinear responses with many
potential failure modes that explicitly simulated brace buckling, column buckling, brace
fracture, brace-to-gusset weld fracture, and gusset-plate interface weld fracture.
Consequently, there may be sudden changes in strength and stiffness of the structure
when component fracture occurs; this may lead to numerical instability that prohibits
further analysis beyond this point. It should be noted that for all of the dynamic analyses,
Newmark’s method was used as integration scheme with the Newton-Raphson initial
solution algorithm. However, nonconvergence sometimes occurred before any
engineering demand parameters associated with the potential collapse performance state
were reached. Such cases always followed a connection fracture, but connection fracture
did not always lead to nonconvergence. The analyses that did converge (i.e., the full
ground motion was analyzed) were classified as potential collapse based on the
performance states developed by Sen (2018) and discussed in Chapter 4. The engineering
demand parameters that resulted in a potential collapse classification are story drift
greater than 8%, column buckling where the midspan column out-of-plane deflection
ratio z exceeds bf, and bolted shear-plate fracture resulting in loss of the building’s
vertical-force resisting capacity.
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Engineering judgement was applied to determine whether analyses that did not
converge had (1) already sustained peak demands based on evaluations of the responsehistory and remaining acceleration demands, or (2) were not conclusive. The former is
evaluated based on peak demands and the latter conservatively classifies performance as
potential collapses. It should also be noted that some of the analyses were ended
prematurely to avoid excessive analysis times in some of the analyses that did not
converge. In some of the analyses that did not converge, the structure was essentially in a
state of free vibration, but numerical issues arose due to the development of multiple
failure modes. The analyses deemed to be in a state of essentially free vibration had no
significant acceleration content remaining in the ground motion. Figure 5.6 shows
response-history examples of the 2 cases of nonconvergence. The final recorded response
in Figure 5.6a is classified as essentially free vibration because it is evident that the peak
story drift occurs at around 25 seconds, then the story drift stabilizes and oscillates for the
rest of the analysis. Figure 5.6b demonstrates an analysis deemed as potential collapse
due to rapidly increasing story drifts observed in the last converged state.
For all the ground motions, convergence was attempted to be reached by
modifying the nonlinear solution algorithm, convergence tolerance, test type, and
maximum number of iterations several times. These modifications caused some of the
models to converge; however, there was still a high number of nonconverged cases for
the O-MEM-C model at the 2,475-year return period that could not be resolved in the
present work. This instance will be discussed in more detail in the next section. The
results of the nonconverged analyses are distinguished throughout this chapter to aid
interpretation of the results.
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(a) Free Vibration: O-SEA-D model at the 2,475year return period (RSN: 6948-2)

(b) Potential collapse based on increasing story
drifts: O-SEA-D model at the 475-year return
period (RSN: 564-2)
Figure 5.6: Nonconvergence classification examples

5.3.2 Ground-Motion Potential Collapse Statistics
Table 5.1 shows the ground-motion suite statistics for the 2,475-year return
period. Figure 5.7 shows this data in graphical form. The O-MEM-C model had the
lowest percentage of converged ground motions with 72% of its analyses that converged.
This is attributed to brace-to-gusset weld DCRs and gusset-plate interface weld DCRs in
the Memphis chevron OCBF that are greater than the other building models, possibly
leading to increased connection fracture on the first story and greater percentages of
analyses that did not converge.
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Specifically, the capacity-based DCRs for the Memphis OCBF were higher than
those of the Seattle OCBF, due to differing design loads and selections for structural
members that could potentially impact the observed differences in potential collapse
percentages. The following capacity-based DCRs were all calculated using the brace
expected tensile force as the capacity demand. The brace-to-gusset weld capacity-based
DCRs at the corner chevron connection ranged from 1.46-1.61 for the Seattle building,
and 1.47-2.26 for the Memphis building. The gusset-plate interface weld DCRs at the
corner chevron connection ranged from 1.10-1.30 for the Seattle building and 1.10-1.90
for the Memphis building. Moreover, the brace-to-gusset weld capacity-based DCRs at
the corner diagonal brace connection ranged from 1.92-2.09 for the Seattle building and
1.95-2.58 for the Memphis building. The DCRs for the gusset-plate interface weld at the
connection ranged from 1.29-1.73 for the Seattle building and 1.34-1.92 for the Memphis
building. As shown, the capacity-based DCRs were higher for the Memphis buildings
which could have impacted the collapse performance.
All the analyses in the 475-year hazard level converged and did not collapse
except for 1 analysis of the O-SEA-D model (RSN: 564_2). The response-history of this
analysis was shown in Figure 5.6b and was deemed as a potential collapse due to
nonconvergence after exhaustive computational efforts to attain convergence. Both the SSEA-C and S-SEA-D buildings met the deterministic collapse performance objective of
ASCE/SEI 7-16 (ASCE 2017) of no more than 10% probability of collapse in an
earthquake with a return period of 2,475-years; the Seattle chevron model had a 10%
potential collapse frequency and the Seattle Diagonal model had a 0% potential collapse
frequency. None of the OCBF buildings evaluated in the present work satisfied the
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collapse performance objectives, as all the collapses well exceeded 10%. The Seattle
OCBF models had a total potential collapse of 33% for the chevron configuration and
18% for the diagonal comparison; the Memphis OCBF models had a total potential
collapse of 45% for the chevron model and 43% for the diagonal model.

Table 5.1: Ground-Motion Suite Statistics for 2,475-year Return Period (%)
Classification

Description

Memphis OCBF
Chevron

Diagonal

Seattle OCBF
Chevron

Diagonal

Seattle SCBFa
Chevron

Diagonal

Converged
72
92
98
92
100
100
Converged
and did not
55
57
67
82
90
100
collapse
Convergence
Potential
collapse
based on
17
35
31
10
10
0
performance
states
Potential
collapse
Nonconvergence
assuming
28
8
2
8
0
0
nonconverge
d analyses
Total
Total
potential
45
43
33
18
10
0
collapses
Note: For the 475-year return period, there was only 2% potential collapse that occurred in the O-SEA-D
model
a
SCBF values from Sen (2018)

Figure 5.7: Ground-motion suite distribution

150

151

5.3.3 Story-Drift Statistics
Table 5.2 shows the analysis story-drift demands at the 2,475-year return period
hazard level for all the building models. Recall that the buildings were designed to meet
the 2.5% story-drift limit imposed in ASCE/SEI 7-16 (ASCE 2017) based on the elastic
story drift multiplied by the deflection amplification factor, Cd. The elastic story drift, ∆𝑒 ,
is the story drift computed from the elastic analysis using the ELF procedure forces. The
value of Cd is 3.25 for OCBFs and 5 for SCBFs. Prior work by Hsiao et al. (2013) and
Sen (2018) showed that actual relative drift demands may be much larger for a 2,475year hazard level dynamic analysis. Table 5.2 summarizes the elastic drift demands and
the median peak-story drift from response-history analysis at the 2,475-year return
period, ∆𝑝𝑒𝑎𝑘 . This median peak inelastic drift is influenced by potential collapse cases
which have a peak story drift of 8%. The drift demands for the Seattle OCBF are less
than the Seattle SCBF on the second and third story; however, the drift demands are
greater on the first story of the paired single diagonal. The drift demands for the Memphis
OCBF are greater than that for the Seattle OCBF on the first story, but greater for the
Seattle OCBF on the second and third.
Table 5.3 provides the story-drift statistics for the study buildings including peak
story drift, residual story drift, and peak story drift range for both the 475-year and 2,475year return periods. The median (50th percentile) and 84th percentile statistics are included
for all categories of drift. The median and 84th percentiles for the peak story drift are also
shown graphically in Figure 5.8 at both hazard levels. All the story drift statistics include
potential collapse; story drifts larger than 8% are reported in Table 5.3 as “C” to indicate
potential collapse. All story-drift statistics at the 2,475-year level for the Seattle OCBF
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buildings are greater than that of the Seattle SCBF buildings. All of the OCBF buildings
had 84th percentile demands associated with potential collapse at the 2,475-year hazard
level.

Table 5.2: Story-Drift Demands for 2,475-year Return Period Hazard Level
OCBF

SCBFa
Seattle
Median
Median
∆𝑝𝑒𝑎𝑘
∆𝑝𝑒𝑎𝑘 /∆𝑒
(%)

Memphis
Seattle
Median
Median
Median
Median
∆𝑒
∆𝑒
∆𝑒
∆𝑝𝑒𝑎𝑘
∆𝑝𝑒𝑎𝑘
∆𝑝𝑒𝑎𝑘 /∆𝑒
∆𝑝𝑒𝑎𝑘 /∆𝑒
(%)
(%)
(%)
(%)
(%)
Chevon brace configuration
3
0.13
0.14
1.1
0.18
0.32
1.8
0.09
0.24
2.8
2
0.17
0.17
1.0
0.19
0.22
1.2
0.12
0.31
2.5
1
0.17
4.64
27.3
0.16
3.94
24.6
0.14
3.63
26
Paired single diagonal brace configuration
3
0.14
0.15
1.1
0.21
0.34
1.6
0.08
0.38
5.0
2
0.19
0.21
1.1
0.23
0.43
1.9
0.10
0.47
4.7
1
0.14
5.30
37.9
0.15
3.73
24.9
0.12
1.68
14
Note: ∆𝑒 = elastic analysis story drift using design ELFs loads from ASCE/SEI 7-16 (ASCE 2017);
∆𝑝𝑒𝑎𝑘 = Peak story drift from 2,475-year hazard response-history analysis;
a
SCBF values from Sen (2018)
Story

Table 5.3: Story-Drift Statistics (%)
O-MEM- O-SEAO-SEAS-SEAS-SEAD
C
D
Ca
Da
475-year return period
0.26
0.23
0.68
0.35
0.64
0.56
Peak story drift
[0.69]
[1.99]
[1.86]
[1.90]
[0.95]
[0.71]
0.01
0.01
0.03
0.01
0.02
0.01
Residual story drift
[0.04]
[0.03]
[0.13]
[0.07]
[0.03]
[0.04]
0.46
0.45
1.21
0.65
1.20
1.08
Peak story drift range
[1.31]
[3.58]
[3.26]
[3.35]
[1.63]
[1.36]
2,475-year return period
4.64
5.30
3.94
3.73
3.63
1.68
Peak story drift
[C]
[C]
[C]
[C]
[5.48]
[2.92]
0.78
0.84
1.17
0.57
0.66
0.08
Residual story drift
[C]
[C]
[C]
[C]
[2.29]
[0.19]
5.56
8.72
5.53
5.59
5.29
2.98
Peak story drift range
[C]
[C]
[C]
[C]
[7.89]
[4.86]
Note: The following notation is used to report median and 84th percentile values: median, [84th
percentile]
C = Potential collapse
a
SCBF values from Sen (2018)
Category

O-MEMC
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Figure 5.9 shows the peak story-drift percentile distribution in all the models at
each return period. The plots show that the OCBFs have greater variability in response
than the SCBFs, even at the lower hazard level. This difference could be attributed to the
more complex failure sequences in the OCBFs that can occur in the brace-to-gusset
subassemblage, which affects the peak story-drift demand. The widely-variable failure
sequences observed in the OCBFs will be discussed in Section 5.3.6.

Median

84th percentile

Building model

S-SEA-D
S-SEA-C
O-SEA-D
O-SEA-C
O-MEM-D
O-MEM-C
0

0.5

1

1.5

2

2.5

Peak story drift (%)
(a) 475-year hazard level
Median

84th percentile

Building model

S-SEA-D
S-SEA-C
O-SEA-D
O-SEA-C
O-MEM-D
O-MEM-C
0

1

2

3

4

5

6

Peak story drift (%)
(b) 2,475-year hazard level
Figure 5.8: Median and 84th percentile peak story drift

7

8

(d) Diagonal configuration 2,475-year return period

(c) Chevron configuration 2,475-year return period

Figure 5.9: Peak story-drift distribution

(b) Diagonal configuration 475-year return period

(a) Chevron configuration 475-year return period
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5.3.4 Story-Drift Vertical Distribution
The vertical distribution of drift will be examined in this section to understand the
prevalence of soft-story mechanisms in the dynamic analyses. Figure 5.10 and 5.11 show
the story-drift distribution for the OCBF buildings at the 475- and 2,475-year return
periods, respectively. Figure 5.12 shows the story-drift distribution for the SCBF building
from Sen (2018) at the 2,475-year return period. Each plot includes cases of
nonconvergence and potential collapse. Each plot also shows the median and 84th
percentile story-drift values with bold and dashed lines, respectively. In the OCBF
buildings at the 475-year return period shown in Figure 5.10, the drift was almost always
concentrated on the first story across all ground motions with the exception of several
ground motions for the O-SEA-C model. The only potential collapse at this return period
occurred in the O-SEA-D model due to nonconvergence; the story drift was concentrated
at the first story at the point of nonconvergence. In the OCBF buildings at the 2,475-year
return period shown in Figure 5.11, all of the models had 84th-percentile story drifts that
exceeded 8% at the first story. The Memphis OCBFs had story drifts concentrated
entirely on the first story, whereas the Seattle OCBFs had drift distributed at times to the
second and third stories. For the O-MEM-C model, a high percentage of analyses did not
converge and were classified as potential collapses.
The performance of the SCBF buildings from (Sen 2018) are shown in Figure
5.12 where story drift was also almost entirely concentrated on the first story. However,
the SCBFs were less vulnerable to collapse as the first-story 84th percentile story drift
never exceeded 8%. Several ground motions caused soft-story collapses of the chevron
SCBF models, whereas the diagonal SCBF had no collapses. When compared to their
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OCBF counterparts, the SCBF buildings performed better with lower collapse
probabilities that satisfied the performance objectives in ASCE/SEI 7-16 (ASCE 2017); it
follows that these buildings also generally sustained lower median drift demands.

MEM

(b) O-MEM-D Model

(a) O-MEM-C Model

SEA

(c) O-SEA-C Model

MEM

SEA

(d) O-SEA-D Model

Figure 5.10: OCBF peak vertical story-drift distribution for 475-year hazard level
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MEM

(a) O-MEM-C Model

SEA

(c) O-SEA-C Model

MEM

(b) O-MEM-D Model

SEA

(d) O-SEA-D Model

Figure 5.11: OCBF peak vertical story-drift distribution for 2,475-year hazard level
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Figure 5.12: SCBF peak vertical story-drift distribution for 2,475-year hazard level (Sen 2018)

5.3.5 Base-Shear Demands
Sources of overstrength in buildings may stem from the use of resistance factors
in design and the material overstrength (i.e., use of expected versus nominal yield stress
in the models). The system overstrength factor for both SCBFs and OCBFs is 2 per
ACSE/SEI 7-16 (ASCE 2017). Hsiao et al. (2013) computed overstrength factors for
SCBFs of between 2.0 and 2.5 for 3-story buildings with similar geometries for a 2,475year hazard level. In addition, Sen (2018) computed overstrength factors between 2.1 and
3.1 for 3-story SCBF buildings. Base-shear overstrength factors were computed in the
present work at the 2,475-year hazard level since significant inelastic action is expected
at this intensity and are shown in Table 5.4. The median peak base-shear demand was
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normalized by the design base shear from ASCE/SEI 7-16 to obtain the effective
overstrength factor. The values for the Seattle OCBF are close to the design overstrength
value of 2. However, the Memphis OCBFs had overstrength less than expected in
ASCE/SEI 7-16.
Table 5.4: Analysis Base-Shear Demands
SCBFa
Seattle

OCBF
Archetype
Building

Memphis
V (k)

Median
Vpeak (k)

Seattle
Median
Vpeak /V

V (k)

Median
Vpeak (k)

Median
Vpeak /V

V (k)

Chevron
1264
2009
1.6
1874
3466
1.9
1018
brace
Paired single
diagonal
1264
2200
1.7
1880
3955
2.1
1018
brace
Note: Vpeak = Peak base shear from 2,475-year hazard response-history analysis
a
SCBF values from Sen (2018)

Median
Vpeak (k)

Median
Vpeak /V

2134

2.1

3166

3.1

5.3.6 Brace-to-Gusset Subassemblage
The OCBF brace-to-gusset subassemblage included the following potential
fractures in the model: brace fracture (BRF), gusset-plate interface weld fracture (GPW),
and brace-to-gusset weld fracture (BRW). Table 5.5 shows percentage of ground motions
with a certain fracture type at both hazard levels. All the fracture statistics presented in
this section include potential collapse cases and nonconvergence cases. As shown in
Table 5.5, all the OCBF fractures that occurred were concentrated in the brace connection
and not the brace (i.e., GPW or BRW). GPW occurred more frequently than BRW,
because most OCBF brace connections lacked sufficient elliptical clearance to
accommodate brace-end rotation. Conversely, BRF was the only failure sequence in the
SCBFs due to the capacity design of the SCBF where the connection is sized to allow the
brace to develop its full axial strength.
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Table 5.5: Ground-Motion Suite Fracture Statistics (%)
Connection
Type

S-SEA-Ca

S-SEA-Da

98
2
2
NAb
NAb

100
0
0
NAb
NAb

No fracture
5
2
25
Any fracture
95
98
75
BRF
0
0
75
BRW
7
48
NAb
GPW
95
73
NAb
a
SCBF values from Sen (2018)
b
SCBF brace connection welds designed to develop full tensile capacity of brace

77
23
23
NAb
NAb

No fracture
Any fracture
BRF
BRW
GPW

O-MEM-C

O-MEM-D

83
17
0
0
17

O-SEA-C

O-SEA-D

475-year return period
65
45
35
55
0
0
0
7
35
55
2,475-year return period
5
0
95
100
0
0
10
28
85
100

62
38
0
10
38

Figure 5.13 and 5.14 summarize the initial failure mode percentages for the
OCBF models at the 475- and 2,475-year hazard levels, respectively. The most common
first failure mode was a 1F GPW for the 475-year return period. It should be noted that a
majority of analyses at the 475-year return period had no failures as shown in Figure
5.13. The first failure mode for the 2,475-year return period included fractures that were
not concentrated solely in the first story. For all models except the O-SEA-D model, a
majority of the initial fractures at this hazard level were still 1F GPW. However, the OSEA-D model had a more diverse first failure mode as shown in Figure 5.14 due to the
strength of the brace-to-gusset welds. The O-SEA-D model had the most brace-to-gusset
weld fractures than any other OCBF model, with 48% of analyses having at least 1 BRW.
The DCRbrw calculated using the BDP expression from Table 4.2 were 1.44, 1.56, and
1.45 for the first, second, and third story of the O-SEA-D model, respectively; these
values are higher than those for the chevron models and may have contributed to the
more diverse first failure mode.
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Figure 5.15 and 5.16 summarize the percentage of fractures by story for the
OCBFs in the 475- and 2,475-year hazard level, respectively. These values follow the
trends noticed in the vertical story-drift distribution plots, where the 475-year hazard
level potential collapses almost always occurred on the first story with the exception of
the Seattle chevon model which had 5% of fractures occurring in the second and third
stories. For the 2,475-year hazard level, the Memphis buildings had connection fractures
only occurring on the first story, whereas the Seattle buildings exhibited a more vertically
distributed response with 11% of fractures occurring on the third story for the O-SEA-C
model. The O-SEA-D model had 17% of fractures occurring in the second story and 11%
of fractures occurring in the third story.
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17%
35%

65%
83%

(a) O-MEM-C Model

(b) O-MEM-D Model

33%
45%
52%
62%
5%

3%

(c) O-SEA-C Model

(d) O-SEA-D Model

Figure 5.13: Initial failure mode (%) for 475-year hazard level
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5%

5%
10%

85%

95%

(a) O-MEM-C Model

(b) O-MEM-D Model
2%
8%

15%
13%

54%
23%
85%

(c) O-SEA-C Model

(d) O-SEA-D Model

Figure 5.14: Initial failure mode (%) for 2,475-year hazard level
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100%

100%

(a) O-MEM-C Model

(b) O-MEM-D Model

2%
3%

95%

(c) O-SEA-C Model

100%

(d) O-SEA-D Model

Figure 5.15: Fractures by story (%) for 475-year hazard level
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100%

100%

(a) O-MEM-C Model

(b) O-MEM-D Model

11%

11%

17%

72%
89%

(c) O-SEA-C Model

(d) O-SEA-D Model

Figure 5.16: Fractures by story (%) for 2,475-year hazard level
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To examine trends between the common failure sequences that were present in
each OCBF building model, Sankey diagrams were created to visualize the sequence of
failures in the dynamic analyses. These graphs also include nonconvergence and potential
collapse cases. Each diagram flows from left to right, with the left-hand side labeled as
“Initial” to indicate the ground-motion suite before the analysis began; ground motions
that did not result in any connection fractures are labeled “No Fracture.” As one moves
from left to right on the diagram, the number of fractures increase and each flow path
illustrates the failure sequence that occurred during a certain ground motion. The relative
size of each flow indicates the percentage of ground motions in the suite that followed
that specific failure sequence. After each fracture occurrence, there is a label showing
which story the fracture occurred on (1F or 2F or 3F) as well as the type of connection
fracture (GPW or BRW). As there were no brace fractures (BRF) in the OCBF models
before a story drift of 8%, there are no brace fractures included in the Sankey diagrams.
As shown in the variability between the diagrams, there are a wide range of potential
failure sequences that can occur in OCBFs. The order of the Sankey diagrams are as
follows:
o Figure 5.17 shows the Sankey diagrams for the Memphis OCBF models at the
475-year hazard level;
o Figure 5.18 shows the Sankey diagrams for the Seattle OCBF models at the 475year hazard level;
o Figure 5.19 shows the Sankey diagrams for the Memphis OCBF models at the
2,475-year hazard level; and,
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o Figure 5.20 shows the Sankey diagrams for the Seattle OCBF models at the
2,475-year hazard level.
Furthermore, to determine common failure sequences in the analyses that led to
potential collapse, Sankey diagrams were created for the subset of analyses at the 2,475year return period that resulted in collapse either due to 8% story drift exceedance or
nonconvergence. There was only 1 potential collapse in the 475-year return period, which
occurred in the O-SEA-D model. A Sankey diagram is not included for this model, which
had a failure sequence that included two (2) 1F GPW fractures. The potential collapse
Sankey diagrams are presented as follows:
o Figure 5.21 shows the potential collapse Sankey diagrams for the Memphis
OCBF models at the 2,475-year hazard level; and,
o Figure 5.22 shows the potential collapse Sankey diagrams for the Seattle
OCBF models at the 2,475-year hazard level.

(b) O-MEM-D Model

Figure 5.17: Memphis OCBF failure sequence for 475-year return period

(a) O-MEM-C Model
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(b) O-SEA-D Model

Figure 5.18: Seattle OCBF failure sequence for 475-year return period

(a) O-SEA-C Model
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(b) O-MEM-D Model

Figure 5.19: Memphis OCBF failure sequence for 2,475-year return period

(a) O-MEM-C Model
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(b) O-SEA-D Model

Figure 5.20: Seattle OCBF failure sequence for 2,475-year return period

(a) O-SEA-C Model
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(b) O-MEM-D Model

Figure 5.21: Memphis OCBF potential collapse failure sequence for 2,475-year return period

(a) O-MEM-C Model
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(b) O-SEA-D Model

Figure 5.22: Seattle OCBF potential collapse failure sequence for 2,475-year return period

(a) O-SEA-C Model
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5.3.7 Frame Response
The frame response during the dynamic analyses includes the response of the
columns, beams, and bolted shear-plate beam-to-column connections. There was no
column transverse deflection observed in any of the SCBF or OCBF models at the 475year return period. There was also no substantial column elongation and shortening at this
hazard level. There was no column buckling in any of the SCBFs of OCBFs at the 2,475year hazard level prior to exceedance of 8% story drift; column buckling beyond this drift
level is not considered as the building is already considered to have reached the potential
collapse performance state. There was minimal column elongation and shortening in the
models at this return period; in all analyses, column tensile elongation was less than 0.1%
and column compressive shortening was less than 0.5%. It should also be noted that at
both return periods, there was no shear-plate fracture within the parameters of the
analysis; shear-plate fracture occurred in the models after the building had already been
deemed collapse due to excessive story drift.
The chevron brace configuration OCBFs commonly yielded at the beam midspan
due to large moments induced by the unbalanced brace compressive and tensile forces.
The story distributions of the peak beam midspan downward and upward deflections for
each ground motion are shown in Figure 5.23 for the 475-year return period. There are
two separate diagrams for each model at the 2,475-year return period. Figure 5.24 shows
the chevron beam displacement for analyses with a peak story drift less than 4% to avoid
being skewed by potential collapse date. Figure 5.25 shows the chevron beam
displacement for the cases that include potential collapse and nonconvergence cases. The
figures show the story distribution of the peak chevron beam midspan deflection, as well
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as the 50th percentile (median) and 84th percentile peak deflection values. A downward
deflection corresponds to a negative midspan beam deflection and is shown in blue. An
upward deflection for a positive midspan beam deflection is shown in red.

(a) O-MEM-C Model

(b) O-SEA-C Model
Figure 5.23: Chevron beam story distribution of peak midspan deflections for 475-year return
period
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(a) O-MEM-C Model

(b) O-SEA-C Model
Figure 5.24: Chevron beam story distribution of peak midspan deflections for analyses with peak
story drifts less than 4% for 2,475-year return period
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(a) O-MEM-C Model

(b) O-SEA-C Model
Figure 5.25: Chevron beam story distribution of peak midspan deflections for analyses including
potential collapses for 2,475-year return period
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CHAPTER 6 BUILDING PERFORMANCE COMPARISONS
This chapter compares the results of seismic performance evaluations based on
the nonlinear dynamic analysis results discussed in Chapter 5. The chapter will be
divided into sections that summarize performance state expressions, quantifies
performance state expressions of the OCBF and SCBF models, compares responses
between the Seattle SCBF and OCBF models, compares responses between the Seattle
OCBF and Memphis OCBF models, and discusses trends observed between results of the
nonlinear static cyclic analyses (Chapter 4) and dynamic analyses (Chapter 5).
Similarities and differences between the present work and previous OCBF research
studies will also be included.
6.1 Performance States Expressions
Performance state expressions from Sen (2018) are referenced in the present work
to quantify the performance of the OCBFs. The performance states include component
repair, component replacement, and potential collapse. These performance states are
classified for specific components or subassemblages including the brace-to-gusset
subassemblage vulnerable to buckling and fracture, columns vulnerable to buckling,
chevron beams vulnerable to axial-flexural yielding at midspan, and bolted shear-plate
gravity connections vulnerable to fracture.
Table 6.1 summarizes the different classifications of performance states for each
of these four components. If the brace-to-gusset subassemblage has an axial deformation
range 𝛿𝑟𝑎𝑛𝑔𝑒,𝑙𝑐 divided by the deformation at the onset of yield, 𝛿𝑦 , that exceeds the value
computed in Eq. 6.1, tearing of the gusset-plate interface welds is likely to occur requiring
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repair. In this equation from Sen (2018), 𝜆 is the brace local width-to-thickness ratio and 𝜆ℎ𝑑
is the highly ductile width-to-thickness requirement per the Seismic Provisions (AISC 2017a).
𝛿𝑟𝑎𝑛𝑔𝑒,𝑙𝑐
λ −1.74
= 3.7 ( )
𝛿𝑦
λℎ𝑑

(6.1)

If a brace axial deformation range exceeds the value in Eq. 6.2, brace local
cupping is expected to develop which would represent a component replacement limit
state.
𝛿𝑟𝑎𝑛𝑔𝑒,𝑙𝑐
λ −1.74
= 7.3 ( )
𝛿𝑦
λℎ𝑑

(6.2)

Other brace demand limits that would distinguish a component replacement of the
brace-to-gusset subassemblage include the following failure modes: midspan tearing and
fracture of the brace, gusset-plate interface weld fracture, and brace-to-gusset weld
fracture. For the column performance states, if the ratio of midspan out-of-plane
deflection z to flange width bf exceeds 0.1, visible buckling of the column is likely to
occur which would require a component repair. If z/bf exceeds unity, the system is
classified as a potential collapse case due to the instability that arises from such severe
column buckling and instability under gravity loads. For beams in the chevron brace
configuration, if the deflection at midspan divided by the length of the chevron beam
exceeds 1.5%, the beam is classified as component replacement due to probable local
buckling and residual deflection; this repair could include leveling the concrete slab
above the beam or heat-straightening sections of the beam. For the gravity composite
shear-plate connection, if the angle of rotation of the shear plate exceeds 0.03 radians, the
bolts must be replaced due to bolt-hole deformation causing yielding. If the angle of
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rotation of the shear plate exceeds 0.04 radians, the shear plate and bolts must be replaced
due to possible concrete crushing and bolt-hole deformation (i.e., a relatively simple
repair measure). If the shear plates exceed the analysis fracture rotation specified in the
nonlinear dynamic analysis, a potential collapse performance state is reached because the
vertical load-resisting system is compromised.
Table 6.1: Summary of Performance State Expressions (Sen 2018)
Component

Component repair

Component replacement

Potential collapse

−1.74

𝛿𝑟𝑎𝑛𝑔𝑒,𝑙𝑐
λ
= 7.3 ( )
𝛿𝑦
λℎ𝑑
Or
BRF, GPW, BRW

Brace-to-gusset
subassemblage

𝛿𝑟𝑎𝑛𝑔𝑒,𝑙𝑐
λ −1.74
= 3.7 ( )
𝛿𝑦
λℎ𝑑

Column

𝑧
> 0.1
𝑏𝑓

-

𝑧
>1
𝑏𝑓

Chevon beam

∆𝑏𝑚
> 1.5%
𝐿𝑏𝑚

-

-

Bolted shearplate connection

𝜃𝑠𝑝 > 0.03 rad

𝜃𝑠𝑝 > 0.04 rad

Shear-plate fracture

-

6.2 Performance State Evaluations
The performance state limits for component repair, component replacement, and
potential collapse listed in Table 6.1 were used to evaluate the OCBF and SCBF models.
Each figure on the successive pages will compare the Memphis OCBF, Seattle OCBF,
and Seattle SCBF with bar charts separated by return period and brace configuration. The
bar charts include nonconverged and potential collapse cases to represent the entire
ground-motion suite. The performance state evaluation figures are in the following order:
o Figures 6.1 and 6.2 summarize the brace-to-gusset subassemblage
performance through classifications of component repair and component
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replacement for the chevron and paired single diagonal configurations,
respectively.
o Figure 6.3 summarizes the chevron beam midspan deflection performance
through classifications of component repair at the 2,475-year return period.
o Figures 6.4 and 6.5 summarize the bolted shear-plate performance through
classifications of component repair, component replacement, or potential
collapse for the chevron and paired single diagonal configurations,
respectively.
o Figure 6.6 summarizes the potential collapse performance based on
nonconvergence and excessive drift for the chevron and paired single diagonal
brace configurations at the 2,475-year return period.
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182

Seattle SCBF

Seattle OCBF

Memphis OCBF
0 10 20 30 40 50 60 70 80 90 100

Probability of exceedance (%)

Building Model

(a) 475-year return period

Seattle SCBF

Seattle OCBF

Memphis OCBF
0 10 20 30 40 50 60 70 80 90 100

Probability of exceedance (%)
(b) 2,475-year return period
Figure 6.1: Chevron configuration brace-to-gusset subassemblage performance
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Figure 6.2: Paired single diagonal configuration brace-to-gusset subassemblage performance
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Figure 6.3: Midspan chevron beam performance at 2,475-year return period
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Figure 6.4: Chevron configuration shear-plate performance
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Figure 6.5: Paired single diagonal configuration shear-plate performance
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Figure 6.6: Potential collapse performance at 2,475-year return period
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The performance state results in Figures 6.1 and 6.2 show a higher probability of
exceedance of brace repair and replacement for the OCBFs than the SCBFs. Most of the
damage in the OCBF subassemblage was concentrated in the gusset plate through GPW
or BRW, whereas the SCBFs had most of the damage concentrated in the brace. This was
expected based on SCBF capacity-based design provisions; however, it should be noted
that the SCBFs also had gusset-plate yielding in flexure and minimal gusset-plate
interface weld tearing. In addition, not all the damaged SCBF braces had to be replaced,
as there was a higher frequency of ground motions that led to component repair but not
replacement. The OCBFs at the 2,475-year hazard level had almost 100% probability of
exceedance for the replacement performance state. The OCBFs did not have the same
trends at the 475-year return period, as the O-SEA-C model had a higher repair and
replacement probability of exceedance than the O-MEM-C model. In terms of the
chevron beams, the only instance of exceedance of the chevron beam repair performance
state at the 475-year return period was the single collapse case that occurred in the OSEA-D model. However, there were chevron beam repair and collapse cases at the 2,475year hazard level as shown in Figure 6.3. The Memphis OCBF had a greater percentage
of beams needing repair than the Seattle OCBF, with 60% for the Memphis building
compared to 51% for the Seattle building.
The shear-plate performance states in Figures 6.4 shows a 2% probability of
exceedance in the O-SEA-C model due to a single analysis that exceeded the replacement
limit at the 475-year hazard level. The O-SEA-D model at the 475-year hazard level had
a single potential collapse due to nonconvergence, which was responsible for the 2%
probability of exceedance of the shear-plate potential collapse performance state in
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Figure 6.5. At the 2,475-year return period, the SCBFs only had shear-plate performance
states exceeded in analyses which collapsed: 10% for the chevron configuration and 0%
for the paired single diagonal configuration. The Memphis OCBFs had slightly higher
repair and replacement probability of exceedance than the Seattle OCBFs, with nearly a
70% shear-plate repair percentage for both Memphis configuration braces.
The potential collapse performance states in Figure 6.6 show that there were no
potential collapses due to column buckling; instead, all the potential collapses stemmed
from either nonconvergence or a story drift in excess of 8%. At the 2,475-year return
period, all the S-SEA-C model potential collapses were due to excessive drift in the first
story. It can be observed for both the OCBF and SCBF models that the paired single
diagonal brace configuration had fewer potential collapses compared to their chevron
brace counterparts. The paired single diagonal braces also generally had better seismic
performances with lower peak story drifts and fewer instances of fractures.
6.3 System Classification Comparison
The different system classifications included in the seismic performance
comparisons were SCBFs and OCBFs; SCBF data used are from Sen (2018). Both the
SCBF and OCBF buildings were designed for the same hazard at their respective sites,
but they are intended to exhibit various levels of ductility. This is reflected in the
different response modification factors in ASCE/SEI 7-16 (ASCE 2017) that allows the
base shear to be reduced by a response modification factor, R. These factors are 6 for the
SCBF and 3.25 for the OCBF (ASCE 2017). This difference can be observed in the
different design base shears, V, of the Seattle OCBF and Seattle SCBF models shown in
Table 5.4 where the design base shear was around 1880 kips for the Seattle OCBF and
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1018 kips for the Seattle SCBF. Thus, the OCBF is designed for greater strength and
lower ductility, while the SCBF is designed with a lower strength and higher ductility
with the intent of having a greater inelastic deformation capacity through capacity-based
design and intensive ductile detailing.
This philosophy behind the SCBF and OCBF designs align with the equal
displacement theorem shown in Figure 1.2, where the total response and deformation of
the two systems are assumed to be equal. Both system classifications are designed with
the intent of meeting the same ASCE/SEI 7-16 (ASCE 2017) collapse objectives of 10%
probability of collapse in an approximately 2,475-year earthquake (the MCER is modified
from this level to achieve uniform collapse risk regardless of site). However, there was a
stark discrepancy in potential collapse performance between the two system
classifications in the present work. Even though the OCBF is designed to resist a higher
magnitude base shear than the SCBF, the brace connection and gusset-plate connections
inhibited the deformation capacity of the OCBFs. No brace fractures occurred in any of
the OCBF nonlinear dynamic analyses.
The potential collapse probabilities of the Seattle SCBFs were 10% for the
chevron brace and 0% for the paired single diagonal brace, which approximately meets
the ASCE/SEI 7-16 (ASCE 2017) deterministic collapse performance objectives; all these
potential collapses were from excessive story drifts. For the Seattle OCBFs, the O-SEA-C
model had a 33% potential collapse probability and the O-SEA-D model had an 18%
potential collapse probability at this return period hazard level. As such, the OCBFs did
not meet the collapse objectives.
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There were some similarities between the seismic performance responses of the
OCBF and SCBF models. Most notably, both models had deformations mainly
concentrated on the first story, with all the potential collapses from both the OCBF and
SCBF models stemming from soft first stories. The S-SEA-C 2,475-year model had a
median peak first-story drift of 3.6% and an 84th percentile drift of 5.5%. The O-SEA-C
2,475-year model had most of the drift concentrated on the first story but a sizable
amount of deformation attributed to the third story with 11% of fractures occurring on the
third story. The O-SEA-C model had a 3.9% median peak story drift and reach potential
collapse drifts at the 84th percentile; both demands exceeded their S-SEA-C model
counterparts and this trend was similar for the paired single diagonal braces. The S-SEAD model had most of the deformation concentrated on the first story, while the
deformation in the O-SEA-D model was more distributed across the stories; 72% of
fractures occurred in the first story, 17% of fractures occurred in the second story, and
11% of fractures occurred in the third story. Both Seattle OCBFs had potential collapse
classification at the 84th percentile of ground motions at the 2,475-year hazard level.
At the 475-year return period hazard level, there was a notable difference between
the repair and replacement performance of the Seattle SCBF and OCBF models. For the
brace-to-gusset subassemblage, the S-SEA-C model had a 2% replacement and 31%
repair exceedance, while the S-SEA-D model had a 0% replacement and 4% repair
exceedance. The OCBFs were more susceptible to damage at this return period, with the
O-SEA-C model having 60% replacement exceedance and 83% repair exceedance. This
stark contrast of higher repair and replacement exceedances continued for the paired
single diagonal configuration, with the O-SEA-D model having 42% replacement
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exceedance and a repair exceedance of 52%. Because the OCBF models were more
susceptible to connection fractures, there was a higher probability of exceedance for
replacement and repair. However, since the SCBF brace connections were designed to
resist the full axial capacity of the brace, midspan brace fracture and excessive axial
elongation were responsible for the analyses that meet the brace-to-gusset subassemblage
replacement and repair performance states.
6.4 OCBF Site Location Comparison
The different site locations in the present work’s seismic performance comparison
included a site in Downtown Seattle and a site in Downtown Memphis. OCBFs were
designed at each of these sites based on local hazards and tectonic settings. Both sites are
classified as Seismic Design Category D, but the design base shear for the Seattle OCBF
is greater than the Memphis OCBF. The OCBFs analyzed in the present work had
potential collapse percentages above 10% in the 2,475-year return period hazard level
with differing potential collapse probabilities amongst the two sites. At the 2,475-year
return period hazard level, the O-SEA-C model had a potential collapse percentage of
33%, the O-SEA-D model had a potential collapse percentage of 18%, the O-MEM-C
model had a potential collapse percentage of 45%, and the O-MEM-D model had a
potential collapse percentage of 43%. In addition, the O-SEA-D model had a 2%
probability of potential collapse at the 475-year return period hazard level due to
analytical nonconvergence in 1 ground motion. The brace-to-gusset weld and gusset-plate
interface weld DCRs for the design of the Memphis buildings were slightly higher than in
the Seattle buildings. The DCRgpw calculated using the BDP approach in Table 4.3 shows
that the O-SEA-D model has a first-story DCRgpw of 1.54, while the O-MEM-D model
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has a first-story DCRgpw of 1.65. In addition, Table 4.2 shows a first-story DCRbrw of 1.44
for the O-SEA-D model and 2.24 for the O-MEM-D model. This may have led to more
fractures in the Memphis buildings that eventually resulted in potential collapse or
nonconvergence.
At the 475-year return period, all variations of the OCBF buildings had a firststory gusset-plate interface weld fracture as the most common initial failure mode. There
was also a significant percentage of ground motions with no fractures at all: with 83% in
the O-MEM-C model, 65% in the O-MEM-D model, 45% in the O-SEA-C model, and
62% in the O-SEA-D model. At the 2,475-year hazard level, first-story gusset-plate
interface weld fracture was also the most common initial failure mode for all the OCBF
buildings. Most of the Memphis building deformation at this hazard level was
concentrated in the first story, whereas a greater percentage of deformation was
distributed among other stories in the building in the Seattle OCBF building. This
performance may be attributed to the brace DCRs shown in Table 3.7. The Memphis
building commonly had the highest brace DCR at the first story, with lower DCRs on the
second and third story; however, the Seattle building had a DCR on the first story that
was the lower compared to the other stories for both brace configurations. For example,
the O-SEA-D model had the following DCRs (where the capacity is calculated using the
expected yield stress RyFy): first story of 0.70, second story of 0.84, and third story of
0.94. The O-MEM-D model had the following DCRs: first story of 0.96, second story of
0.78, and third story of 0.78. These DCRs may explain the discrepancy of vertical
distribution of deformation between the Seattle and Memphis sites in the nonlinear
dynamic analyses.
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All the OCBF models had 84th percentile story drifts that exceeded 8% at the first
story (i.e., potential collapse), and all the potential collapses were attributed to a soft firststory collapse. At the 475-year hazard level, almost all of the deformation in the OCBF
building variations was in the first story apart from the S-SEA-C model. The Sankey
diagram failures sequences for the Seattle building were also more complex than the
Memphis building at both hazard levels; this can be attributed to the deformation being
concentrated in the first story for the Memphis buildings, whereas some of the
deformation occurred in the second and third stories of the Seattle buildings more
frequently. All the potential collapse failure sequences in the OCBF buildings included at
least one gusset-plate interface weld fracture at the column base. OCBF design does not
require gusset-plate clearance to accommodate brace-end rotation. Instead, the OCBF
gusset plates were designed in the present work by offsetting the brace-end 2 in. from the
nearest beam or column flange to facilitate erection.
6.5 Nonlinear Analysis Type Comparison
The failure and potential sequences between the static nonlinear analyses in
Chapter 4 and the nonlinear dynamic analyses in Chapter 5 shared a couple of
similarities. First, both nonlinear analyses commonly had fracture in first-story brace
connections of either a brace-to-gusset weld fracture or a gusset-plate interface weld
fracture. There was not a single instance of brace fracture in the static cyclic nonlinear
analyses when gusset-plate interface and brace-to-gusset weld fractures were simulated.
There was also not a single instance of brace fracture in the dynamic nonlinear analyses
in any of the OCBF and SCBF models. In both analysis types, most of the deformation
was concentrated in the brace and gusset connections.
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The main difference in the types of nonlinear dynamic analyses can be observed
in the behavior of the columns. In the nonlinear static analyses that did not simulate weld
failure modes, first-story column buckling of both edge columns in the Seattle paired
single diagonal model occurred before story drift exceeded 8%. This column buckling
occurred following first-story brace buckling. Column buckling also occurred in the
Seattle chevron and Memphis chevron static analyses; however, in these models the
column buckling was not as severe with a maximum midspan out-of-plane column
deflection of around 0.25 z/bf. However, in the nonlinear dynamic analyses there was no
significant column transverse deflection observed in any of the SCBF or OCBF models at
either return period hazard level. It should be noted that none of the nonlinear dynamic
analyses even exceeded the column repair performance state. In the nonlinear dynamic
analyses, most of the deformation occurred in the brace-to-gusset subassemblage which
caused a decrease in lateral stiffness at a given story and led to eventual story drifts that
exceeded 8%. There was also no substantial column elongation or column shortening at
either of the hazard levels for the OCBF or SCBF buildings.
The different behaviors between the cyclic analyses and dynamic analyses show
that there are a variety of different failure methods possible in OCBFs and that the
column buckling observed in the static analyses are misleading. It should be noted that
the dynamic analyses resulted in different and variable sequences of yielding and failure
due to the highly nonlinear nature of CBFs. Because the columns in the OCBFs were
designed for the amplified seismic demands but were not capacity designed, column
buckling was a possibility in OCBFs, especially if the frame is acting as a reserve system
and contributing to the lateral resistance. In the cyclic analyses that did not simulate weld
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fracture where column buckling occurred, both first-story braces buckled before firststory column buckling due to the constant distribution of static loads.
6.6 Comparison to Previous Studies
Previous OCBF research studies have used ground motions scaled for a site in
Boston which is only a Seismic Design Category B. The present work used ground
motions scaled to represent the UHS for Seattle and Memphis sites which are Seismic
Design Category D with higher spectral accelerations. The 2019 seismic performance
assessment of OCBFs for a site in Boston by Sizemore et al. (2019) used ground motions
scaled for a site in Boston in a parametric study that modified system configuration
(chevron or multi-story-X), system classification (“R = 3” CBF, “R = 3.25” OCBF, or “R
= 4” CBF), and number of stories (3,6 or 9). The research showed that most of the
OCBFs met the collapse performance objectives of collapse less than or equal to 10% at
the MCE. In addition, a 2021 study of a parametric collapse performance using IDA by
Bradley et al. (2021) tested braced frames designed for 218 different SFRS variations.
Most of the braced frames were designed as hybrid systems consisting of a primary
chevron brace supplemented by a reserve moment resisting frame. The results found that
all the OCBFs simulated did meet the ASCE/SEI 7-16 (ASCE 2017) collapse
performance objectives. But the study also showed that the typical failure sequence of the
OCBF began with weld fracture in the first story, and there were no occurrences of brace
buckling in any of the IDA simulations. The nonlinear modeling in this study included
the post-fracture yielding mechanisms of double angle connections which may have
impacted the OCBF seismic performance. Their nonlinear modeling procedure also did
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not simulate beam-to-gusset weld group fracture as they were assumed to be sufficiently
strong.
Previous NMSZ research on reinforced concrete frames has evaluated the collapse
performance of various reinforced concrete buildings designed for Memphis. A study by
Kueht and Hueste (2009) determined the impact of code requirements for four-story
reinforced concrete moment frames designed to the 2003 IBC, 2003 IBC with local
Memphis amendments, and the 1999 SDC. Nonlinear dynamic analyses of special
moment frames and intermediate moment frames showed that none of the designs
satisfied the collapse prevention criteria for a 2,475-year earthquake. In addition, Celik
and Ellingwood (2009) performed a seismic risk assessment of gravity load designed
reinforced concrete frames subjected to ground motions for a site in Memphis. The
results of nonlinear dynamic analyses showed that it was unlikely 3-, 6-, and 9-story
buildings designed solely with gravity loads to represent some of the inventory of
reinforced-concrete frames constructed before 1990 would meet ASCE/SEI 7-16 (ASCE
2017) collapse performance objectives.
It is noted that the nonlinear concentrically braced frame modeling approach used
in the present study may be conservative. Secondary yielding mechanisms in the double
angles that may arise after gusset-plate interface weld fracture were not included; instead,
the bolted-welded double angle to column connection was approximated as a pin after
gusset-plate interface fracture occurred. Sizemore et al (2019) and Bradley et al. (2021)
did include this secondary-yielding strength in their study and had collapse probabilities
less than the present work. While all previous OCBF research studies have used ground
motions scaled for a site in Boston which is only a Seismic Design Category B, the
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present work used ground motions scaled to represent the UHS for Seattle and Memphis
sites which are Seismic Design Category D with higher spectral accelerations. These
differences listed may contribute to the increased potential collapse percentages
calculated in the present work. In addition, the previous Memphis research by Kueht and
Hueste (2009) and Celik and Ellingwood (2009) better match the results of the present
work of OCBFs not meeting collapse performance objectives. However, these previous
studies were only concerned with reinforced concrete frames which may have different
seismic performance than steel braced frames.
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CHAPTER 7 SUMMARY, CONCLUSIONS, AND FUTURE WORK
Ordinary concentrically braced frames (OCBFs) are intended to be moderately
ductile steel seismic-force-resisting systems that can be used in low-rise buildings in
areas with high seismic hazards. They are intended to be stronger but less ductile than
SCBFs. Performing nonlinear dynamic analyses of OCBFs to characterize common
failure modes and potential collapse performance is important for understanding the
functionality and safety of OCBFs. There is a dearth of information from previous
research on the overall seismic response, common failure mechanisms, and potential
collapse performance of OCBFs. In addition, there has been virtually no observed
damage to OCBFs in past earthquakes as they have only been defined as a separate
system classification since their addition to the Seismic Provisions in 1997 (AISC 1997).
To investigate the seismic performance of OCBFs, component and system response was
evaluated with different locations (Western US or Central US), system classifications
(SCBF or OCBF), and system configurations (paired single diagonal or chevron).
7.1 Summary of Methodology
The present work can be separated into three phases: (1) building design, (2)
nonlinear model development, and (3) seismic performance evaluation. Two, three-story
OCBF study buildings were designed in accordance with ASCE/SEI 7-16 (ASCE 2017)
for downtown sites in Seattle (47.619°N, 122.333°W) and Memphis (35.141°N,
90.056°W) using the Load and Resistance Factor Design (LRFD); the sites had relatively
high seismic hazards and were classified as Seismic Design Category D but with different
tectonic settings. The archetype building used was based on a previous study to facilitate
comparison of results (Sen 2018).
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The Seattle OCBF was designed for a base shear of 1880 kips and the Memphis
OCBF was designed for a base shear of 1264 kips. Each building was comprised of a
chevron braced frame in the transverse direction and a paired single diagonal brace in the
longitudinal direction. The calculated fundamental periods of the OCBFs ranged from
0.37 s to 0.46 s. The fundamental periods vary due to the different bracing system
configurations with varying member sizes and stiffness. The same loading conditions,
building geometry, and materials of the archetype building from Sen (2018) were used.
The expected material properties, RyFy, were used in the nonlinear analyses. The vertical
design loads included those from dead, live, snow, and vertical seismic load effects. The
lateral loads included wind and seismic loads, but the braced frame design was controlled
by the seismic loads. The OCBFs were designed in accordance with Seismic Provisions
(AISC 2017a), which includes use of braces with moderately ductile width-to-thickness
ratios and global slenderness ratios less than 100 for chevon brace configuration and 200
for all other brace configurations. The beams, columns, and brace connections were
designed using an overstrength factor of 2 multiplied by the seismic load effect. The
OCBF brace connections were gusset plates with welded-bolted double angle connections
on the column-gusset interface and adjacent beam-column connection; the gusset plates
were designed using the force distribution from the Uniform Force Method (UFM). See
Appendix A for a sample calculation of the gusset plate interface forces. The archetype
building was 39 feet high, which exceeds the OCBF height limit of 35 feet in Seismic
Design Category D buildings. However, the height allowed for comparison with
previously studied SCBFs with the same building characteristics.
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The second stage of the present work included the nonlinear modeling in
OpenSees and validation of the modeling approach using static cyclic analyses. Wellestablished CBF modeling approaches from Sen et al. (2019) were utilized to simulate
yielding mechanisms and failure modes of OCBFs. Columns, beams, and braces were
modeled with distributed-plasticity in the longitudinal direction. Columns and beams
comprised of force-based beam-column elements, whereas the braces comprised of
displacement-based beam-column elements. The columns and braces were modeled with
initial imperfection to allow for buckling. The brace fibers included the maximum strain
range (MSR) fracture model that captured the effect of load-direction bias based on Sen
et al. (2019). Rigid elements were implemented to offset columns and beams from brace
work points to simulate gusset-plate rigidity and geometry. Gusset-plate axial yielding
and brace-to-gusset weld fracture were modeled with nonlinear springs at each brace-end.
Brace-to-gusset plate interface weld fracture was modeled assuming total loss of brace
axial resistance following exceedance of the fracture criterion, with no secondary
yielding mechanisms from the column-to-gusset double angle connection. The model
also simulated chevron beam yielding and column buckling. Nonlinear static cyclic
analyses were performed for the OCBFs to gradually build up the model complexity and
demonstrate that fracture is simulated.
The third stage of the present work included conducting nonlinear dynamic
analyses. The Memphis and Seattle models were subjected to ground motions
representing hazard levels associated with the 475- and 2,475-year return period spectral
acceleration intensities. Performance damage states for the brace-to-gusset assembly
damage, midspan chevron beam yielding, column buckling, composite bolted shear-plate
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gravity connection damage, and potential collapse were determined based on criteria
from Sen (2018) to objectively compare the building performance.
7.2 Summary of Results
This section will be separated into summaries of the research results related to
system classification, site location, brace configuration, and nonlinear analysis type.
7.2.1 Effect of System Classification
The summary of results from effect of system classification are as follows:
o Nonlinear response-history analysis demonstrated that the Seattle OCBF building
sustained lager drift demands than the Seattle SCBF building with similar
medians but more variable 84th percentiles. At the 475-year return period, the
SCBF building had median peak story drifts for the chevron and paired single
diagonal of 0.64 and 0.56%, whereas the Seattle OCBF models had median peak
story drifts of 0.68 and 0.35%, respectively. The median values are relatively
close, however, the 84th percentile story drifts were different: the Seattle SCBF
models had an 84th percentile story drift for the chevron and paired single
diagonal configurations of 0.95% and 0.71%, whereas the OCBFs were more
variable at 1.9% each. At the 2,475-year return period, the SCBF median peak
story drifts were 3.63 and 1.68%, whereas the Seattle OCBF median peak story
drifts were 3.94 and 3.73%. The 84th percentile did not reach potential collapse
levels for the SCBFs, but exceeded 8% for the OCBFs.
o For the 475-year return period, there was only 1 potential collapse that occurred in
the O-SEA-D model from nonconvergence. The SCBF had no potential collapses
at the 475-year return period.
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o The Seattle SCBF potential collapse probabilities of exceedance at the 2,475-year
hazard level were 10% for the chevron brace and 0% for the paired single
diagonal brace, which satisfy the anticipated collapse reliability of the MCER
from ASCE/SEI 7-16 (ASCE 2017). However, the potential collapse probabilities
of exceedance for the Seattle OCBF were 33% for the chevron brace and 18% for
the paired single diagonal brace; thus, potential collapse performance is worse
than anticipated in new construction.
o Seattle SCBF peak story drifts for the 2,475-year hazard level were 26 and 14
times the elastic drift under the design load for the chevron and paired single
diagonal configurations, respectively. For the OCBFs, the peak story drifts were
25 times the elastic drift. Both were much larger than Cd in ASCE/SEI 7-16
(ASCE 2017). This trend is likely an outcome of significant concentration of
damage on the first story.
o Column buckling did not occur in the nonlinear dynamic analyses for either the
Seattle SCBF or OCBF at the 475-and 2,475-year hazard levels. It should be
noted that the OCBFs are not capacity designed, but instead designed using the
effect of the overstrength seismic load. Also, damage concentration and fracture
at low drifts may preclude column buckling because the full strengths of the
braces cannot be developed.
o The fracture rotation capacities of welded gusset plates in the OCBF buildings
were calculated using the gusset-plate weld design DCRs, gusset-plate physical
properties such as the Whitmore width and thickness, and elliptical clearances.
The OCBFs were particularly vulnerable to gusset-plate interface weld fractures,
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as there was relatively little clearance to accommodate out-of-plane buckling.
This premature failure mode limited the strength and deformation capacity of the
OCBF, which tended to lead to more damage throughout the frame and potential
collapses. Providing more gusset-plate elliptical clearance may improve seismic
performance and should be explored in subsequent research.
7.2.2 Effect of Site Location
The summary of results from effect of site location are as follows:
o None of the Memphis and Seattle OCBFs met the collapse performance
objectives in ASCE/SEI 7-16 (ASCE 2017) of 10% or less at the risk-adjusted
2,475-year hazard level (MCER) due to early onset of gusset-plate connection
fractures that led to large inter-story drifts. The potential collapse probabilities at
the 2,475-year hazard level were 45% for O-MEM-C model, 43% for O-MEM-D
model, 33% for O-SEA-C model, and 18% for O-SEA-D model.
o All OCBF models had 84th percentile peak story drifts in excess of 8% and
classified in a potential collapse state at the 2,475-year hazard level. The
Memphis OCBF had higher median peak story drift values than the Seattle
OCBF, with 4.6 and 5.3% for the Memphis chevron and paired single diagonal
configurations, respectively. The Seattle OCBF had median peak story drifts of
3.5 and 3.9% for the chevron and paired single diagonal configurations,
respectively.
o The difference in potential collapses between the OCBF sites could be attributed,
in part, to the different ground motion suites used for the Seattle and Memphis
locations. The Seattle site ground motions were selected from the NGA-West2
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(Ancheta et al. 2013) database of recorded ground motions, whereas the Memphis
site ground motions were selected from modified ground motions developed for
the Central and Eastern US in NUREG/CR-6728 (McGuire et al. 2001). Both sets
of ground motions were scaled to the corresponding site’s UHS based on the
structure’s fundamental period. There was also a lower sample size of Memphis
ground motions (40 ground motions for the Memphis site versus 60 ground
motions for the Seattle site for each suite) which may have skewed the results.
The Memphis building also had a higher analysis nonconvergence percentage;
most notably there was 28% nonconvergence in the O-MEM-C model that were
all conservatively classified as potential collapse cases.
o The capacity-based DCRs for brace and connection limit states calculated using
the expected brace tensile strength RyFyAg as the demand for the Memphis OCBF
were higher than those of the Seattle OCBF, due to inherent variability in the
design process (i.e., limited selections of structural members). The following
capacity-based DCRs were calculated using the brace expected tensile force as the
demand. The brace-to-gusset weld DCRs at the corner chevron connection ranged
from 1.5-1.6 for the Seattle building, and 1.5-2.3 for the Memphis building. The
gusset-plate interface weld DCRs at the corner chevron connection ranged from
1.1-1.3 for the Seattle building, and 1.1-1.9 for the Memphis building. In addition,
some of the brace DCRs from Table 3.7 show that the first-story braces for the
Seattle building were stronger than the Memphis building. The first-story brace
DCRs with respect to RyFy is 0.75 for the O-SEA-D model and 0.96 for the OMEM-D model. The first-story brace DCRs for the O-SEA-C model is 0.77 and

206

0.81 for the O-MEM-C model. The higher brace DCRs for the first-story
Memphis braces may have contributed to a higher percentage of potential
collapses due to earlier onset of brace yielding and buckling.
o At the 475-year return period, the Memphis and Seattle OCBF buildings had firststory gusset-plate interface weld fracture as the most common initial failure mode.
The brace-to-gusset subassemblage performance states showed that for the OSEA-C model, 82% of analyses met the repair state and 59% met the replacement
state. For the O-MEM-C model, 59% of analyses met the repair state and 18%
met the replacement state. For the O-SEA-D model, 52% of analyses met the
repair state and 37% met the replacement state. For the O-MEM-D model, 52%
for analyses met the repair state and 42% met the replacement state.
o At the 2,475-year hazard level, first-story gusset-plate interface weld fracture was
also the most common initial failure mode for the OCBF buildings. The failure
sequences for the Seattle building were more complex than the Memphis building
at both hazard levels; this can be attributed to the deformation being concentrated
in the first story for the Memphis buildings, whereas some of the deformation
occurred in the second and third story of the Seattle buildings more frequently. At
the 2,475-year hazard level for the OCBF models, the probability of exceedance
for the brace-to-gusset subasssemblages repair performance state was 100%; the
probability of exceedance for the brace-to-gusset subasssemblages replacement
performance state was at least 95%.
7.2.3 Effect of Brace Configuration
The summary of results from the effect of brace configuration are as follows:
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o In all SCBF and OCBF analyses, the paired single diagonal brace configuration
consistently performed better than the chevron configuration with lower potential
collapse percentages, lower peak story drifts, and fewer failure modes.
o At the chevron midspan beam connection, the brace-to-gusset weld capacitybased DCRs with the expected brace tensile strength RyFyAg as the demand
ranged from 1.3-2.3 for the OCBF buildings, with higher DCRs consistently in
the Memphis building. The gusset-plate interface weld DCRs ranged from 0.8-1.0
for the OCBF buildings. Midspan chevron beam gusset-plate interface weld
fracture occurred in 15% of the OCBF chevron nonlinear dynamic analyses, and
midspan chevron beam brace-to-gusset weld fracture occurred in 0% of the OCBF
chevron analyses. Thus, the gusset-plate interface weld fracture was a more
critical limit state at the midspan chevron beam connection than brace-to-gusset
weld fracture.
7.2.4 Effect of Nonlinear Analysis Type
The summary of results from the effect of nonlinear analysis type are as follows:
o Column buckling did not occur in the SCBF or OCBF buildings in the nonlinear
dynamic analyses, but did occur in the O-SEA-C model, O-SEA-D model, and OMEM-C models in the nonlinear static cyclic analysis when weld fracture was not
simulated. The column buckling in the O-SEA-C and O-MEM-C models met the
column repair performance state, and the column buckling in the O-SEA-D model
met the column collapse performance state. Column buckling did not occur in
cyclic analysis models with potential weld fracture limit states because the drift
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demands were better distributed and the deformation capacities of the braceconnection assemblies were larger.
7.3 Conclusions
The main conclusions from the present work are as follows:
o OCBFs may need more repair and replacement than SCBFs in less severe
earthquakes, as there were higher probabilities of exceedances for the repair and
replace performance states for OCBFs observed in the 475-year return period
hazard level response-history results.
o OCBFs may not meet ASCE/SEI 7-16 (ASCE 2017) collapse objectives, as the
OCBF nonlinear dynamic analysis had potential collapse percentages well above
10% at the 2,475-year return period hazard level. There was early onset of brace
and gusset plate connection fractures that led to large inter-story drifts and
potential collapse.
o The uniform collapse risk design approach in ASCE/SEI 7-16 (ASCE 2017) was
not reflected in seismic performance evaluation, as the OCBF nonlinear dynamic
analysis had higher potential collapse percentages and drift demands at the
Memphis site than the Seattle site at the 2,475-year return period hazard level. It
should be noted that the ground-motion scaling procedures was the same at both
sites, but the ground-motion suites differed.
o Gusset-plate interface weld fracture may be the most critical limit state in an
OCBF, as the most common initial failure mode for all OCBFs in the nonlinear
dynamic analysis at the 475- and 2,475-year return period hazard levels was first-
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story gusset-plate interface weld fracture. Provisions to increase gusset plate outof-plane rotation capacity may have a beneficial effect on seismic performance.
o OCBF brace and connection deformation capacities may not be aligned, with
brace connection fracture occurring more frequently. There were no occurrences
of brace fractures in the OCBF nonlinear dynamic analysis, so the optimal widthto-thickness ratios for OCBF braces should be investigated to better align brace
and connection deformation capacities and ensure conformance with ASCE/SEI 716 (ASCE 2017) collapse objectives.
o Paired single diagonal brace configuration CBFs had better seismic performance
than their chevron brace configuration counterparts. This trend was observed with
higher potential collapse probabilities and drift demands for both the OCBF and
SCBF chevron brace configuration when compared to the paired single diagonal
brace configuration. However, only a single archetype building geometry was
tested which may not be representative of behavior of braced frames in other
archetype building designs.
o OCBF column buckling is a likely failure mode in nonlinear static cyclic analysis
but is less likely to occur in nonlinear dynamic analysis. There were no instances
of column buckling in the SCBF or OCBF dynamic analysis at the 475- and
2,475-year return period hazard levels. However, there were instances of column
buckling in the OCBF static cyclic analyses when weld fracture was not
simulated.
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7.4 Future Work
The analyses in the present work showed that the OCBFs did not meet collapse
performance objectives in ASCE/SEI 7-16 (ASCE 2017) due to sequences of highly
variable brace connection fractures that limited the strength and deformation capacity of
the systems; so, future work should be performed to fully characterize the seismic
performance of OCBFs to ensure their compliance with collapse objectives. This could
include the following research:
o Collapse performance at different site locations in other regions of the United
States should be examined to see if the trend of different collapse performances at
different locations continues as the ground motions utilized in the present study
were far-field motions from crustal source mechanisms. However, ground
motions from other locations in the United States may have other characteristics
that affect seismic performance. For example, net-section rupture has been
observed to occur in near-field earthquakes, so choosing other locations with
ground motions representative of their region could impact seismic performance.
o The OCBFs in the present work included columns oriented for strong-axis
bending in the plane of the frame; performance of OCBFs with weak-axis column
bending in the plane of the frame may have different seismic performance due to
the gusset-plate connection configuration that would be needed and the frame
reduced lateral strength and stiffness.
o Nonlinear dynamic analysis using brace and gusset connection configurations not
studied in the present work may affect OCBF seismic performance.
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o Connection behavior with secondary, post-fracture yielding mechanisms may
improve seismic performance. For example, Sizemore et al. (2019) included
secondary, post-fracture double angle mechanisms in their study for a site in
Boston where most of the OCBFs met probability of collapse less than or equal to
10% in the MCER (ASCE 2017). In addition, Bradley et al. (2021) included
secondary, post-fracture double angle mechanisms in an IDA study of parametric
collapse performance and did not simulate beam-to-gusset weld group fracture as
they were assumed to be sufficiently strong. In their study, there were no
occurrences of brace buckling yet all OCBFs met collapse performance
objectives. In the present work, the bolted-welded double angles were
approximated as pins following gusset-plate interface weld fracture.
o The 3-story OCBFs in the present work had a height of 39 feet, which exceeded
the height limit in ASCE/SEI 7-16 (ASCE 2017) for Seismic Design Category D
by 4 feet. Future research may examine shorter buildings (i.e., 1 or 2 stories in
height) to observe the effect on seismic performance. In addition, future research
may examine other archetype building designs with different brace configurations
and floor plans than in the present work to observe effect on seismic performance.
o The effect on OCBF seismic performance from increasing gusset-plate rotational
clearance should be studied.
o The present work showed that none of the nonlinear dynamic analysis of OCBFs
for either the Seattle or Memphis buildings had brace fracture at the 475- and
2,475-year hazard levels. Connection fracture was the more critical capacity that
limited the strength able to develop in the system. Thus, more research needs to
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be performed to understand what the local width-to-thickness requirements for the
braces should be in the Seismic Provisions (AISC 2017) for safe and economical
seismic performance.
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APPENDIX A
This appendix provides a sample Uniform Force Method (UFM) calculation to
determine the gusset-plate interface forces and moment acting on each interface for the
corner brace connection MEM-D1.1. This particular connection has a W10x49 column,
W16x26 beam, HSS6x6x3/8 paired single diagonal brace, gravity end reaction of 25 kips,
and a connection design force of 199.4 kips. The UFM procedure is used in accordance
with Chapter 13 of the AISC Steel Construction Manual (AISC 2017b). See Figure 3.3
for a depiction of the distribution of forces on the gusset plate using the UFM procedure.
It should be noted that V stands for vertical force, H for horizontal force, c for column
interface, b for beam interface, and P for the required brace axial force. The UFM
procedure ideally designs the gusset-plate geometry to eliminate moments at gusset-plate
interfaces. However, the present work does not design using the ideal values for the
centroids of the beam-to-gusset and column-to-gusset connections.
First, the values eb and ec which are half the depths of the beam and column,
respectively, are calculated as shown below. It should be noted db is the beam depth and
dc is the column depth.

𝑒𝑏 =

1
1
𝑑𝑏 = (15.7 in) = 7.9 in.
2
2

𝑒𝑐 =

1
1
𝑑𝑐 = (10.0 in) = 5.0 in.
2
2

The variable ∝ is defined as the ideal distance from the face of the column flange
to the centroid of the gusset-to-beam connection, and 𝛽 is defined as the ideal distance
from the face of the beam flange to the centroid of the gusset-to-column connection. As a
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result, ∝ is the centroid of the beam-to-gusset connection and 𝛽 is the centroid of the
̅ and 𝛽̅ represent the actual
column-to-gusset connection. Conversely, variables ∝
connection centroids for the beam-to-gusset and column-to-gusset connection,
respectively. Connection MEM-D1.1 has a beam setback of 0.5 in. and a bolt offset from
the column flange for the welded-bolted double angles on the column-gusset interface, E,
̅
of 3 in. The number of bolt rows, n, is 2 and the bolt spacing, S, is 3 in. The variables ∝
and 𝛽̅ are calculated below as follows:

̅ = 𝑏𝑒𝑎𝑚 𝑠𝑒𝑡𝑏𝑎𝑐𝑘 +
∝

𝛽̅ = 𝐸 +

𝐻
26
= 0.5 in. +
in. = 13.5 in.
2
2

(𝑛 − 1)𝑆
(2 − 1)(3 in. )
= 3 in. +
= 4.5 in.
2
2

The variable 𝜃 is the angle between the brace and column neutral axes and can be
used to calculate K as follows:
𝐾 = 𝑒𝑏 𝑡𝑎𝑛𝜃 − 𝑒𝑐 = (7.9 in. ) tan(1.04 rad) − 5.0 in. = 8.3 in.
It is assumed that 𝛽 = 𝛽̅ as the beam-to-gusset connection is assumed to be more
rigid with no moment transfer through the bolted-welded double angle to column
connection on the vertical gusset-plate interface. The centroid of the beam-to-gusset
connection, ∝, is calculated as follows:
∝= 𝐾 + 𝛽𝑡𝑎𝑛𝜃 = 8.3 in. +(4.5 in. ) tan(1.04 rad) = 15.9 in.
The norm of the vector sum of the centroid-to-work point distance, r, is calculated
using the locations of the ideal centroids of the connection as follows:
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𝑟 = √(∝ +𝑒𝑐 )2 + (𝛽 + 𝑒𝑏 )2 = √(15.9 in. +5 in. )2 + (4.5 in. +7.9 in. )2 = 24.3 in.

The vertical and horizontal forces at each gusset-plate interface is calculated as follows:
𝑉𝑐 =

𝛽
4.5 in.
(199.4 k) = 36.9 k
𝑃=
𝑟
24.3 in.

𝐻𝑐 =

𝑒𝑐
5 in.
(199.4 k) = 41.1 k
𝑃=
𝑟
24.3 in.

𝑉𝑏 =

𝑒𝑏
7.9 in.
(199.4 k) = 64.5 k
𝑃=
𝑟
24.3 in.

𝐻𝑏 =

𝛼
15.9 in.
(199.4 k) = 130.6 k
𝑃=
𝑟
24.3 in.

In addition, there will be a moment along the beam-gusset interface due to the
eccentricities between the actual and ideal centroids. This moment along the beam-gusset
interface, Mb, is calculated as follows:
̅ ) = (64.47 k)(15.9 in. −13.5 in. ) = 154.7 k − in. = 12.9 k − ft
𝑀𝑏 = 𝑉𝑏 (∝ −∝

